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ABSTRACT 
This report presents a case history of how an unreinforced masonry building sustained the 
1989 Lorna Prieta Earthquake. The subject structure is a two-story historic building, and 
former firehouse located in downtown Gilroy California. The building was constructed in 
the last decade of the last century. Horizontal ground accelerations were as large as O.29g, 
and were amplified through the vibration of the floor and roof diaphragms. Although 
horizontal accelerations at the roof were as high as O. 79g, only minor cracking of the masonry 
was observed. 
At the turn of the century, unreinforced masonry construction was similar across the nation. 
Thus, response of the firehouse in Gilroy can help foretell the earthquake hazard in the 
eastern United States where similar URM buildings exist and moderate earthquakes are 
anticipated within a reasonable probability over the next fifty years. Though the ground 
motions recorded at Gilroy were but of moderate intensity, they represent an upper bound 
for assessing possible hazards associated with similarly constructed buildings in the eastern 
United States. Since the firehouse was not damaged appreciably, there is some hope that 
similar historic buildings across the nation may survive future seismic events. 
The purpose of this study was to examine dynamic response of the two-story URM structure 
in detail so that it may be better understood how the remaining stock of URM buildings 
across the nation may respond to future earthquakes. Specific objectives were: 
./ 
1. To investigate reasons why the firehouse withstood the ground shaking with little 
damage. 
2. To estimate wall stresses using both simplified and state-of-the-art analytical 
methods, and correlate with current building codes and patterns of observed damage. 
3. To develop a simple, discrete multi-degree-of-freedom analytical model to compute 
dynamic response of URM building systems with flexible diaphragms, and calibrate 
the model with measured response of the firehouse. 
4. To run sensitivity studies using the analytical model so that the influences of masonry· 
wall stiffness, floor and roof diaphragm stiffness, and soil characteristics could be 
assessed. 
5. To evaluate the use of finite element methods for estimating wall stresses and 
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Masonry is one of the oldest forms of building construction. Unreinforced masonry 
construction can be traced back to before the Roman, Greek and Egyptian civilizations. 
However, the behavior of masonry structures is still one of the least understood. 
Unreinforced masonry (URM) construction has usually been targeted as unreliable in 
seismic zones due to the damage experienced by some URM structures in major 
earthquakes. As an example, unreinforced masonry structures have been addressed as a 
top seismic hazard priority by the California Seismic Safety Commission (Ref. 74). The 
state of California passed a law in 1986 ("URM Law") that required local governments 
to inventory URM buildings, establish an earthquake hazard mitigation program for these 
buildings, and report to the state by January 1990. This law affected areas with the highest 
seismic hazards in California, 25,000 buildings, and 289 cities and counties. Because of 
a lack of seismic retrofit research and standards, implementation of the URM Law has 
been difficult. Minimum retrofit standards in California have resulted from the recent 
adoption of seismic strengthening provisions in the Uniform Code for Building 
Conservation (UCBC, Ref. 65). 
Unreinforced masonry structures can behave well when subjected to strong ground 
motions. During the 1989 Lorna Prieta Earthquake, a three-story unreinforced masonry 
building that was across the street from' the failed Interstate 880 freeway structures in 
Oakland remained intact. 
Another good example that URM masonry structures can survive strong ground shaking 
was the behavior of the firehouse of Gilroy, California, the subject structure of this study, 
during the Lorna Prieta Earthquak9' The firehouse is a two-story historic, URM building 
with flexible diaphragms that withstood the Lorna Prieta Earthquake with little damage. 
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Gilroy is located approximately 15 km south east of Lorna Prieta (Fig. 1.1). An array of 
instruments in Gilroy recorded accelerations higher than in other cities. Several of the 1989 
acceleration records from the Gilroy array recorded peak ground accelerations from 0.30g 
to 0.50g (Refs. 25, 41, 68). 
Before the earthquake, the former firehouse was instrumented by California Strong Motion 
Instrumentation Program (CS:rv.tJP) with six accelerometers (Refs. 22, 68). Peak ground 
accelerations were as high as 0.29g and peak roof accelerations were as high as 0.79g. 
Considerable amplifications of ground accelerations were observed at the roof. 
Unreinforced masonry construction used in Northern California at the tum of this century 
was common throughout the United States. The firehouse was not necessarily designed 
to resist sizeable earthquake forces because there were no seismic codes at the time of 
construction. However, the building withstood the 1906 San Francisco Earthquake. Today, 
there are no indications that the building required repair in 1906. The study of the survival 
of the firehouse of Gilroy can enhance the understanding of how similar URM masonry 
structures might act in other part~ of the nation when subjected to moderate and strong 
ground motions. 
1.1 Objectives and Scope 
The subject structure of this study is a two-story historic building and former firehouse 
located in downtown Gilroy, California. The structure was built in 1890 and it is believed 
to be one of the first URM buildings that has been both instrumented and subjected to 
a moderate earthquake in U.S. history. Prior to the Lorna Prieta Earthquake, the former 
firehouse was instrumented by CSlv.lIP with six accelerometers (Ref. 22). Recorded peak 
ground accelerations were as high as 0.29g and peak roof accelerations as ·high as 0.79g. 
Considerable amplifications of the: peak accelerations between the ground and the roof 
i 
were observed. The former firehouse withstood the Lorna Prieta Earthquake with little 
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damage. Since there were no seismic codes at the time of construction, the firehouse was 
not necessarily designed to resist sizeable earthquake forces. 
Unreinforced masonry construction used in Northern California at the tum of this century 
was similar throughout the United States. Because moderate earthquakes are expected east 
of the Rocky Mountains, response of the firehouse can help foretell the earthquake hazard 
in the eastern and midwestern United States. Though the Lorna Prieta Earthquake was 
considered to be moderate in intensity an' equivalent motion in the eastern United States 
would be considered strong. If an earthquake at the New Madrid fault were to occur some 
time within the next 250 years, there would be only a 10% probability that ground 
accelerations measured at the firehouse (maximum of 0.29g) would be exceeded (Refs. 
53, 54). Thus, the ground motions recorded at the firehouse represent an upper bound 
for assessing possible hazards associated with similarly constructed buildings in the eastern 
United States. 
Since the firehouse did not damage appreciably, even with these high accelerations, there 
is hope that similar historic buildjngs across the nation may survive a future earthquake. 
However, such extrapolation is not warranted unless a detailed investigation is done to 
examine the reasons for the superior performance. 
The objectives of this study are the f~Ilowing : 
1) Investigate the reasons of the survival of the firehouse of Gilroy with the 
use of both simplified and state-of-the-art methods. 
2) Present a simplified discrete MDOF dynamic model developed for the 
seismic evaluation of the firehouse and similarURM buildings with flexible 
diaphragms. 
3) Correlate the recorded, observed and computed response of the firehouse 
with estimates of dyt;lamic response and prescribed allowable stress limits 
by state-of-the-art masonry and seismic codes. 
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1.2 The Lorna Prieta Earthquake 
The Lorna Prieta Earthquake of October 17, 1989, was the largest in intensity to hit the 
San Francisco Bay Area since 1906. The earthquake struck at 5:04 p.m (PDT), disrupting 
most of the communities of the Bay Area and shocking the nation that was getting ready 
to enjoy the nationally broadcast opening game of the 1989 baseball World Series 
scheduled at San Francisco's Candlestick Park at that time. 
The earthquake had a surface-wave magnitude of 7.1 and its epicenter was located about 
10 miles northeast of Santa Cruz and 60 miles southeast of San Francisco (Fig. 1.1). The 
hypocenter was about 11 miles beneath the earth's surface. The earthquake ruptured a 
25-mile segment of the San Andreas fault and was felt from Los Angeles in the south, 
to the Oregon border to the north, and Nevada to the east. The strong shaking lasted less 
than 15 seconds, but caused more than $7 billion damage (Ref. 25). 
The single greatest catastrophe occurred when the Cypress Street Viaduct, a one-mile 
elevated segment of the Interstate Highway 880 collapsed and claimed 42 lives (Refs. 23, 
24, 25, .27, 57, 66). The earthquake killed 62 people, injured 3,757, desu:-oyed 367 
businesses, and left more than 12,000 people homeless (Ref. 25). 
1.2.1 Performance of URM Structures 
Several aspects of the Lorna Prieta Earthquake have been extensively reported in the 
literature (Refs. 22, 23, 24, 25, 27, 40, 41, 57, 66, 68). Of particular interest is the 
performance of unreinforced masonry structures. Unreinforced masonry structures are 
usually demonized by their somewhat spectacular damage during earthquakes, however, 
many of them performed well during the Lorna Prieta Earthquake. 
In the city of San Francisco (Fig. 1.1), out of 1947 URM buildings surveyed (Ref. 25), 
only 36 were identified to have s~ffered heavy or severe damage (1.8%). Damage in 
Chinatown, where 15% of San Francisco URM buildings are located, varied from minor 
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to moderate. There was ample evidence that most of this damage was caused by pounding 
due to the lack of building separation (Ref. 66). On the other hand, damage in the south 
of Market district, where 25 to 30 percent of San Francisco's URM are located, was 
extensive and varied from minor cracking to partial collapse. 
The distribution of damage to URM buildings in San Francisco illustrates the effects of 
soil type on building response (Ref. 66). URM buildings on the stiff rock-like soils (uphill 
Chinatown) were less damaged than similar buildings founded on softer soils (bay mud 
and landfill of south of Market district). Peak ground accelerations recorded at San 
Francisco varied from 0.06g at the Pacific Heights district to O.33g at the San Francisco 
International Airport (Ref. 25). 
In Oakland (Fig. 1.1), the downtown area suffered significant damage mostly in 
steel-framed buildings with masonry cladding and URM buildings (Ref. 57). Damage 
observed in low-rise URM buildings consisted primarily of collapsed parapets, separation 
of masonry walls at the roof level (Ref. 41), and some partial out-of-plane brickwork 
collapses of the masonry walls caused by the pushing of the flexible diaphragms (Ref. 
i 
57). Peak ground accelerations nearby the downtown Oakland area measured between 
O.26g and O.29g (Refs. 25, 68). 
The damage observed at Hollister (Fig. 1.1) was nearly equal to that observed at Oakland 
(Ref. 41). Peak ground accelerations of O.18g and 0.38g were recorded in orthogonal 
directions and O.20g in the vertical direction (Refs. 25, 68). 
Palo Alto (Fig. 1.1) experienced similar peak ground· accelerations (O.21g to O.38g, Ref. 
25). However, damage to URM structures was reduced. Most of the damage was observed 
at the campus of Stanford University, where unreinforced sandstone masonry buildings 
suffered different levels and extent of damage. The more common type of damage was 
flexural cracking at the bottom a~.d top of slender piers between openings, mild shear 
cracking in piers and at comer intersections of walls, and tensile cracking in arches. 
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There was an array of instruments in Gilroy which recorded higher peak ground ... .I 
accelerations than in other cities (Refs. 25,41,68). Several of the 1989 acceleration records 
from the Gilroy array recorded peak ground accelerations from O.30g to O.50g (Ref. 25). 
Many buildings in the main street and downtown area of Gilroy were essentially 
undamaged, although the town hall was severely damage by the shaking. One of the 
structures that withstood the earthquake handily was the historic old firehouse building 
subject of this study, only two blocks north from the town hall. The survival of the firehouse 
attracted the attention of some post-earthquake investigation teams (Refs. 25, 66). 
Santa Cruz (Fig. 1.1) was the city that suffered the more dramatic URM damage during 
the earthquake. Many of the old URM buildings in the Pacific Garden Mall in downtown 
Santa Cruz were damaged or destroyed (Refs. 25, 66). Structural damage observed in the 
URM buildings in the Pacific Garden Mall can be described as out-of-plane brickwork 
failure, in-plane brickwork failure, diaphragm flexibility/failure and pounding. Santa Cruz 
is located 10 miles from the epicenter. Free-field accelerograms recorded in Capitola, 
within 6 miles from Santa Cr:uz and 9 miles from the epicenter, recorded peak ground 
accelerations of 0.47g and 0.54g in ·orthogonal directions and 0.60g in the vertical direction 
(Refs. 25, 66, 68). Recorded peak ground accelerations at the University of California at 
Santa Cruz were O.44g and O.47g in orthogonal directions and O.66g in the vertical direction 
(Ref. 25). 
Watsonville and Los Gatos (Fig. 1.1) were other cities where some URM structures suffered 
severe structural damage, yet the level of damage was not uniform (Ref. 41). Some 
unbraced parapets survived. Existing wall anchorage was adequate in many instances. 
URM walls that exceeded code recommended heights were stable. Diagonal shear cracking 
in URM walls was not universal and could be commonly related to the quality of the existing 
masonry and the building configuration. Peak ground accelerations recorded in Watsonville 




25, 68). Peak ground accelerations within or above O.40g are inferred for Los Gatos from 
instrumental records at Saratoga and Santa Cruz (Ref. 41). 
The most severe damage of URM structures during the Lorna Prieta Earthquake occurred 
in places were peak ground accelerations higher than 0.38g were recorded (Santa Cruz, 
Watsonville and Los Gatos). A substantial number of URM buildings in the cities of 
Hollister, Palo Alto, Oakland and San Francisco survived without damage that would have 
threatened the life of occupants or those on the adjacent public way (Ref. 41). Peak ground 
accelerations recorded in these cities were typically between O.20g to O.30g. 
The earthquake investigation team of the International Masonry Institute (Ref. 40) made 
the following observations regarding the behavior of unreinforced masonry structures 
during the Lorna Prieta Earthquake : 
o Unreinforced masonry buildings that had been retrofitted for seismic 
safety appeared to have performed well. 
o Buildings with flexible' structural frames, designed to deform under 
seismic loads, appe~red to experience damage to exterior claddings when 
insufficient provisions were made to accommodate the frame deformations. 
D Some older unreinforced masonry structures, constructed before the 
advent of engineering practices and building codes, experienced varying 
degrees of damage. 
D Improper or nonexistent connections between walls and roof or floor 
diaphragms appear to have caused several failures of older URM buildings. 
o Unbraced and unreinforcedrnasonry parapet walls appear to have caused 
several failures. 
Therefore, poor connections and poor detailing of URM structures seem to be responsible 
for most of the failures of these structures rather than the assumed brittle nature of the 
masonry, which is instead often blamed. 
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1.3 Previous Research in Unreinforced Masonry 
Unrein forced masonry construction has been used extensively all around the world, and 
a large number of unreinforced masonry buildings exist in active seismic regions. However, 
_--i 
__ ,i 
there are few case studies of experimental and/or analytical research on the seismic - i 
behavior of unreinforced masonry available in the literature. 
China might be the country where the most comprehensive research program on the 
seismic response of unreinforced masonry was established, as a consequence of Tangshan 
Earthquake of July 28, 1976. Feng (Ref. 31) tested eighty six specimens of unreinforced 
brick masonry walls to study their shear strength under cyclic horizontal loads. The results 
showed that the shear strength was significantly affected by the aspect ratio of the wall 
as well as mortar strength and the level of the vertical compressive stress. Xia et al (Ref. 
82) arrived at similar results while testing fourteen brick masonry piers up to failure under 
lateral cyclic loading. They distinguished four major stages from the hysteresis envelopes 
obtained : elastic, elasto-plasto-cracking, failure under decreasing loading and slip under 
friction. They found that as the masonry wall enters the nonlinear range of response under 
/ 
cyclic loading, the accumulated dissipation energy leads to an increase in the extent of 
damage and eventually to failure. 
Zhu (Ref. 85) summarized the Chinese research program on the seismic response of 
unreinforced masonry. About 300 wall specimens, including unstrengthened and 
strengthened, with and without opening or wing walls, under static cyclic loading, were 
tested. Four masonry wall specimens were subjected to reversed lateral loading with 
different frequencies (0.1 Hz, 1 Hz, 3 Hz). It was found that the strain rate has influence 
on the shear strength of masonry walls as well as on the energy dissipation. Eight full-scale 
brick or concrete block buildings were tested at different facilities in China from 1978 
to 1979. Four single-story and two two-story scale models were tested under lateral loading 
from 1978 to 1981. Results from these tests suggested that the failure mechanism of a 
8 
single masonry wall specimen is close to the one obtained on the buildings. Most of the 
damage is experienced at the first story level and it decreases gradually from the second 
to the upper level. Strengthening and repairing techniques in unreinforced masonry 
buildings were also studied. The buildings were repaired by the addition of reinforced 
concrete columns, or by strengthening the wall by adding a steel mesh to both faces of 
the wall supported by nails and casting them together with a 3 cm thick cement mortar. 
In addition, three five-story unreinforced concrete block model buildings and three 
one-story brick model buildings were tested on shaking tables. 
Based on the shaking table tests, and nonlinear system identification techniques, Lu and 
Zhu (Ref. 45) developed mathematical models to predict the nonlinear seismic response 
and to estimate the aseismic capacity of unreinforced masonry buildings. A 
"semi-degrading, tri-linear" restoring force model was proposed for the analysis of the 
cracked structure, while a "shear-slip" restoring force model was developed for the 
nonlinear identification of the model building during the failure stage. 
More recent Chinese studies have been conducted to alternate forms of masonry 
construction. Xia et al (Ref. 83) have studied both experimentally(shaking table tests) and 
analytically,. the seismic behavior of what they call Coal-Slag-Gas-Concrete Block 
(CSGC), which is a' considerably lighter block that has several' economical and 
environmental advantages. The blocks are very lightly reinforced. Song et al (Ref. 69) have 
studied in shaking table tests the use of friction base isolators in multistory brick buildings. 
Experimental results showed that this material is effective for seismic isolation. 
In Europe, most of the research has been focused on retrofitting, strengthening, repairing 
and restoration techniques of historic masonry buildings and/or old stone masonry houses. 
Tornazevic and Anicic (Ref. 72) pres~nted a compilation of the Slovenian experience. In 
Slovenia, special attention has bee? paid to the evaluation of the seismic resistance and 
strengthening techniques of stone masonry buildings. Of particular interest has been the 
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study of rural stone-masonry houses. Single-story, stone-masonry house models were 
tested on shaking tables in order to analyze the dynamic properties of old masonry 
buildings. Mixed structural systems with peripheral masonry waIls and internal RIC 
columns have been also extensively studied by Slovenians and Italians (Ref. 73). 
Modena (Ref. 51) presented a review of the Italian practice in evaluating, strengthening 
and retrofitting of masonry bUildings. In Italy, the research has been focused on the 
selection of strengthening techniques in monumental buildings, such as roman theaters 
and amphitheaters, Medieval or Renaissance palaces, theaters, churches, cathedrals, and 
historic buildings, due to the "demanding necessity" to preserve the rich heritage. 
Pume (Ref. 61) reviewed the Czechoslovakian practice. In Czechoslovakia, the research 
has been focused first on historic buildings. The oldest, preserved stone masonry structure 
dates from the 2nd century B.C. Masonry structures from solid clay bricks have been used 
in Czechoslovakia since the 13th century and some of them are still in good condition. 
The second point .of interest is buildings 50-100 years old which must be reconstructed. 
The third point of interest is new masonry structures which have higher thermal insulating 
characteristics. 
Mann et al (Ref. 46) performed shaking table tests of a series of square unreinforced 
masonry brick walls at the Technical University Darmstadt, Germany. Axial loads were 
introduced through vertical prestressing. They found that the walls failed in shear, and 
that with low axial load a_nd units of high tensile strength, cracking occurs along the mortar 
joints on the diagonals making the wall behave in a ductile manner. Under high axial load 
the units crack and the separated wall partitions slide along straight diagonal cracks 
exhibiting a brittle-type failure. Walls made with perforated bricks with staggered webs 
(webs which were not continuous in the direction of the force for thermal insulation 
purposes) suffered sudden failure jwhere the cross webs failed, and the face shells fell 
away. 
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In Latin-American countries, research has been focused to alternate techniques of masonry 
construction. In Mexico, most of the studies have been done on confined masonry walls, 
since it is the most common structural system used for residential housing in Mexico. A 
large number of full scale confined masonry walls with different units were tested under 
monotonic loads during the 70's (Refs. 14, 36, 48) to study the effect of the reinforcement 
and of the vertical loads on the wall's strength and behavior. Dynamic ambient vibration 
tests were also done in some confined masonry buildings after the 1985 Mexico Earthquake 
(Refs. 21 and 52). Studies on the seismic behavior of adobe construction have also been 
made. Studies related to the seismic safety of historic stone masonry buildings have been 
reported as well (Ref. 49). Meli (Ref. 50) presented a review of the Mexican practice on 
the seismic design of masonry structures. 
San Bartolome and Torrealva (Ref. 63) summarized the Peruvian practice, which is similar 
to the Mexican. Confined masonry construction is widespread, and research has been 
conducted in this direction. In addition, Bariola et al (Ref. 12) performed a series of shaking 
table tests of clay brick walls to study their out-of-plane seismic response. Unexpectedly, 
the results showed that the intensity of the ground motion required for failure did not seem 
; 
to increase for an increasing slenderness of the wall. 
Chilean research and construction is similar to Mexican practice. Confined masonry is 
by far the most widely used, though reinforced masonry construction is also used (Ref. 
76). 
Yamin and Garcia (Ref. 84) reviewed the Colombian practice. Unreinforced masonry 
construction was a common practice until 1980, primarily in one to two stories housing. 
built using' clay bricks, due to the lack of a mandatory building code and the lack of 
awareness of the seismic vulnerability of such structures in Colombia. Nowadays, this type 
of construction is 'only permitted in low seismic risk zones, and for low rise 'housing. 
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Confined masonry and reinforced masonry construction are becoming increasingly 
popular. The current focus of research in Colombia is on reinforced masonry structures. 
In New Zealand the research and practice is oriented towards reinforced masonry 
structures. Japan and the United States have been mostly interested in the research of 
reinforced masonry construction as well. In fact, a comprehensive experimental and 
analytical joint research program on reinforced masonry components and buildings was 
conducted by a team of masonry researchers of both countries, known as TCCMAR 
(Technical Coordinating Committee on Masonry Research). Noland (Refs. 58, 59) 
summarized the objectives, goals and accomplishments of this research program. 
In the United States research regarding the behavior of other type of masonry structures 
due to earthquakes has also been carried out. Blondet et al (Refs. 16, 17) and Villablanca 
et al (Refs. 76 and 77) have reported their studies on the performance of confined masonry 
buildings in the Chilean Earthquake of March 3, 1985. They presented a methodology for 
the analysis and evaluation for this kind of structures. This culminated in the development 
of generalized procedures for ev~luation of the seismic capacity of masonry buildings 
designed according to any specific code. Based on these studies, and on the experimental 
test data on the shear strength and ductility capacity of U.S. masonry, they studied the 
global assessment of the masonry seismic shear design provisions of the 1988 UBC code 
(Refs. 39, 47, 71). 
Woodward and Rankin (Ref. 81) studied the influence of vertical compressive stress on 
the shear resistance of eight ungrouted and unreinforced concrete block masonry walls. 
The walls were tested using a fix-end boundary condition at both ends. Lateral in-plane 
displacements were applied at the top of the wall while maintaining a constant compressive 
vertical stress. The test data indicate that the maximum in-plane lateral load resistance 
exhibited by the walls increases with, increased vertical compressive stress. The relationship 
i 
between increasing vertical compressive stress and the resulting increasing maximum 
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lateral load resistance appears to be linear within the range of vertical stresses used in 
the test program. 
A major experimental program conducted on unreinforced masonry (URM) walls subjected 
to dynamic, out-of-plane motions was conducted by the ABK research group (Ref. 4). 
The objectives of the experimental program were: 1) To establish bounds on the resistance 
of URM walls to collapse (dynamic stability); 2) To provide data for the development of 
guidelines and criteria for determining the resistance of this type of wall to collapse; 3) 
To evaluate the effectiveness of retrofit procedures to increase URM walls collapse 
resistance; and 4) To verify and calibrate mathematical models for the analysis of typical 
URM walls. The guidelines developed are known as the "ABK Methodology" (Ref. 5) and 
are widely used on the west coast of the United States. The tests showed that the resistance 
of the walls to collapse was more dependent on the peak velocities input at the base and 
top of the walls than on the peak relative deformations induced between the top and bottom 
of the walls. The tests also demonstrated the effectiveness of the retrofit procedure studied, 
and provided som,e insight for the design of other retrofit methods. 
Epperson and Abrams (Refs. 28, 29) subjected a series of five full-story brick piers 
extracted from Kenney Gym of the University of lllinois to lateral forces. Forces were 
applied within the plane of the test walls while vertical compressive stress was maintained 
constant for each pier. Among other conclusions, they found that substantial lateral force 
was resisted after flexural cracking though large stiffness reductions were observed. The 
values of shear strength, modulus of rupture, and shear modulus were consistent with those 
prescribed by the UBC code (Refs. 39, 47, 71). The ultimate limit state was diagonal 
splitting at the toe region which was precipitated by sliding along the bed joints in the 
central region. 
Abrams and Xu (Ref. 7) developed an analytical model that determines distributions of 
i 
shear and vertical compressive stress as influenced by effects of flexural cracking. 
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Analytical results were correlated with results of laboratory experiments which were done 
by Epperson and AbraI?s (Ref. 28) to examine behavior of unreinforced masonry walls 
subjected to combined action of lateral forces and vertical compressive stress. An index .: 
value quantifying the likelihood of shear sliding along a bed joint was defined as the ratio 
of applied shear stress to sliding resistance. Contour maps of this index correlated well 
with experimental results, demonstrating that the lateral strength of a solid wall could be 
estimated reliably with the proposed model. 
Abrams (Ref. 8) reported four case studies which illustrate the use of masonry as structural· 
material. In addition to the tests performed by Epperson and Abrams (Ref. 28), two other 
test walls were built using reclaimed Chicago common brick with Type N mortar, and 
subjected to cyclic lateral forces. In-plane behavior of the two test walls suggested that 
unreinforced masonry elements may resist sizeable lateral forces while deforming well 
beyond the linear range of response. This was found true for walls controlled by both 
flexure or shear. Another case study reported is the out-of-plane testing of unreinforced 
masonry infill panels. A uniform out-of-plane pressure was applied to the URM infill wall 
using an airbag. The test panel resisted an equivalent uniform load equaf to 182 psf. The 
crack pattern was identical to a classic yield line pattern for a rectangular reinforced 
concrete slab simply supported along all edges. Using virtual work concepts with a modified 
yield line analysis indicates that the masonry flexural tensile stress must have been in the 
order of 145 psi. This value is credible for masonry. 
Kwok and Ang (Ref. 42) developed a nonlinear hysteretic restoring force model to describe 
the load-deformation behavior of unreinforced masonry based upon the data of the 
Chinese research and the restoring force model of Baber and Wen. The force-displacement 
relationship is given by a continuous nonlinear curve which models strength and stiffness 
degradation, as well as pinching behavior. They also proposed a simplified method for 
the damage assessment of unreinforced brick masonry buildings, in which seismic damage 
is expressed as a function of the seismic loading to the structural resistance. A 
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damage-limiting design method was developed in which the base shear coefficient is 
expressed explicitly as a function of tolerable damage level. 
EI-Mustapha and Kariotis (Ref. 26) studied the influence of ground motions characteristics 
and diaphragm flexibility on the nonlinear response of an hypothetical one-story reinforced 
masonry shear wall structure with plywood diaphragms free to uplift on their base. The 
hypothetical structure was designed according to the NEHRP provisions (Refs. 53, 54). 
Several soil profiles and ground motions w~re considered in the study. The structure was 
idealized by a lumped parameter model which represented both the walls and the flexible 
diaphragms by nonlinear springs --the load-deformation characteristics of which were 
based on experimental data (Refs. 3,4). The modeling suggested that significant reductions 
in shear and actual deformations of the walls were propitiated by the uplift, that in some 
cases saved the hypothetical structure from collapsing. The model presented by 
EI-Mustapha and Kariotis is plausible for one-story shear wall bUildings. However, 
because wall rotations are not included since walls are modeled as shear springs, deflected 
shapes of multi-story walls cannot be represented. Besides, it is uncertain that during an 
earthquake, one-story masonry'; structures with relatively low mass would incur on 
significant inelastic responses which would control their dynamic response. 
1.4 Organization 
The study is divided into nine chapters. In Chapter 2, the description of the building and 
the material testing is presented. The observed damage and the recorded motions at the 
firehouse during the Lorna Prieta Earthquake are discussed in Chapter 3. In Chapter 4, 
preliminary estimates of stresses and their correlation with different code provisions are 
addressed. The analytical methods selected to evaluate the dynamic response of the 
firehouse are presented in Chapter 5. In Chapter 6, the effectiveness of the use of the 
discrete MDOF dynamic models op the predicti.an of the recorded dynamic response at 
the firehouse is studied. In Chapter 7, in-plane and out-of-plane stresses at the times 
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of peak dynamic responses using two-dimensional and three-dimensional finite element 
models are estimated. Frequencies and modes shapes are also determined with a 
three-dimensional finite element model, and torsional effects are evaluated. In Chapter 
8, estimates of dynamic response outlined by state-of-the-art seismic codes are compared 
to those measured at the firehouse. A summary of the investigation and the conclusions 
are offered in Chapter 9. 
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2.1 Description of the Building 
A two-story historic building and a former firehouse, located in downtown Gilroy, 
California, is the subject of this investigation. The structure was constructed near the end 
of the last century. The front, southeast and southwest elevations are shown in Pictures 
2.1 to 2.3. Plan views are presented in Fig. 2.1. The original part of the building was built 
in 1890 and survived the 1906 earthquake. The back side addition (anything north from 
the central wall, Fig. 2.1) was added after 1906. 
The building was surveyed after the earthquake by a consulting firm and as-built drawings 
are available. The firehouse is a box-type structure, where the lateral force resisting system 
is composed of unreinforced masonry brick walls together with flexible diaphragm (wood 
sheathing) floor systems. 
The plywood diaphragms consist.'of 1" by 4" timbers running in the diagonal direction 
and nailed to timber joists that are supported by built-up trusses. The plywood thickness 
is 1/2" for all spans with the exception of the first floor south diaphragm,- which is 5/8" 
thick. The south diaphragm is almost square and spans more than twice the distance that 
the north diaphragm does in the E-W direction. At the roof level, the south diaphragm 
has a small slope of 1:85, while in the north diaphragm the slope is 1:40. There are 15 
layers of asphalt sheets on the roof totaling 3 inches in thickness. The ceiling of the second 
floor is made of a 1/4" thick wood lath with a 1/4" plaster. It is 40" below the roof level 
and tied to the walls in a similar fashion the diaphragms are (Figs. 2.4 a and 2.4 b). 
Wall layouts are shown in Figs. 2.2 and 2.3. AIl walls are 3-wythe, 12" thick running-bond 
unreinforced brick walls joined by rportar bed joints 1/2" thick. The south wall (Fig. 2.2a, 
Picture 2.1) is a symmetric perforated wall. The thickness of the wall varies from 12" ,at 
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the openings, to 16" to 17" for the exterior piers as a result of architectural considerations 
(darker zones on Fig. 2.2 a). The central wall and the north wall (Figs. 2.2 b, 2.2 c) are 
mostly solid with a constant thickness of 12". The north wall has no openings on the first 
floor. The east wall (Fig. 2.3 a) is 12" thick and has several window and door openings. 
The 12" thick west wall (Fig 2.2 e) is completely solid between the south and the central 
wall, and has a reduced window opening area between the central and the north wall at 
both levels. The northwest wall addition was built encasing four I-sh~ped steel columns 
that were originally fabricated for a hose tower which was behind the original bUilding. 
The diaphragms and the walls are tied by 3/4" <p steel rods anchored in the outside wythe 
of the walls by a hook, and with or without a hook in the diaphragms, as shown in Figs. 
2.4 a to 2.4 d. These ties are nominally placed every 5'-1" at the east and west walls, 
and every 6 feet at the south, center, and north walls. 
The level of the ground floor was raised several times to match the grade elevation of 
the street which continued to rise over the years as it was paved and resurfaced. As a 
result, the first-floor slab is 36" thick. This slab supports 16" timber sleepers that sustain 
; 
the ground level's plywood floor system. The building is founded on spread footings which 
dimensions and depth were. not determined during the field survey. 
There is no specific information available about the type of soil where the structure is 
founded because soil mechanics studies were not done. However, the soil type could be 
identified from the computed response. spectra for the recorded ground motions, 
considering that the spectral shapes are site dependent. Therefore, based on the 
comparison of the response spectra computed for the recorded ground motions (Figs 3.4 
and 3.11) and the mean and 84 percentile response spectra shapes presented by Seed, 
Ugas and Lysmer (Ref. 67)~ it is believed that the soil could be a stiff natural soil. 
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2.2 In-Situ Material Testing 
A materials testing firm ran a series of in-place shear tests throughout the building. The 
in-place brick shear test was performed by laterally displacing a single brick relative to 
the surrounding bricks in the same wythe. The adjacent brick to the test brick was removed, 
as was the head joint opposite to the loaded end of the test brick. Load was applied using 
a calibrated hydraulic ram and gauge system until first movement of the test brick was 
observed, as illustrated in Fig. 2.5. 
The shear stress calculation was based on shear force being resisted by only the top and 
bottom bed joint. No consideration was given to the collar joint behind the test brick. Once 
these shear stress values are obtained, they are adjusted to account for friction. Measured 
values were reduced by estimating vertical compressive stress, and assuming a coefficient 
of friction equal~to 1.0. The values of the uncorrected and corrected shear stresses are 
summarized in Table 2.1. Uncorre,cted shear stress values vary from 77 psi at the second 
level of the east wall (test numb~r 12) to 312 psi at the first level of the south wall (test 
number 2). The mean of the corrected shear stresses is 156.7 psi and the standard deviation 
of the corrected data is 64.7 psi which indicates that there was a significant amount of 
scattered in the test data, as it is evident from the observation of Table 2.1. 
Based upon the values of the corrected shear stresses obtained from the in-place shear 
tests (shove tests) presented in Table 2.1, a basic shear stress value, Vh can be computed 
as defined by the ABK Methodology (Ref. 5). This basic reduced shear stress is obtained 
by selecting a shear stress equal to the tested value that has 20% of the test values lower 
and 80% of the test values higher, as shown in Fig. 2.6 for the data presented in Table 
2.1. According to the ABK procedure, a basic shear stress Vt of 85 psi was determined 
(Fig. 2.6). The application of the .fillK procedure to the in-place shear test data of the 
firehouse is presented in Fig. 2.6. 
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Table 2.1 Shear stresses obtained from in-place shear tests (psi) 
Wall Level Test Number Uncorrected Corrected 
Shear Stress Shear Stress 
West 1st 1 227.0 201.8 
West 1st 6 136.0 111.8 
West 2nd 9 281.0 268.9 
West 2nd 13 189.0 176.2 
South 1st 2 312.0 286.6 
South 1st 3 206.0 180.8 
South 2nd 10 125.0 112.4 
South 2nd 11 189.0 176.4 
East 1st i 4 233.0 208.1 
East 1st 5 212.0 187.1 
East 2nd 12 77.0 64.2 
East 2nd 16 92.0 79.4 
North 1st 7 139.0 112.6 
North 1st 8 144.0 118.8 
North 2nd 14 139.0 126.2 
North 2nd' 15 109.0 96.4 
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2.3 Lab Material Tests 
Brick, mortar and prism tests were done to estimate index material properties and to obtain 
detailed information that could be helpful for the structural analyses of the firehouse. 
2.3.1 Brick Tests 
Brick properties were studied at the University of Illinois using a few of the bricks extracted 
with the in-place shear tests. Standardized brick tests as iloutlined by the ASlM 
specifications (Ref. 47) were done to obtain the modulus of rupture, the initial rate of 
absorption (IRA), water absorption and saturation coefficient. 
The weight of wet bricks was determined by weighing the bricks at their current state in 
a 2500 grams (g) l?alance with sensitivity to 0.1 grams. Dry bricks' weight was obtained 
by weighing the bricks with the same balance after 24 hours of being dried in a ventilated 
oven at 23SOp. It was ensured during this procedure that the difference between the weight 
determined after 22 hours of drying was within a 0.2% of the weight determined after 
24 hours of drying (they happened to be the same, as a matter of fact, for all bricks). 
The initial rate of absorption test is a measurement of the rate of the time-related water 
suction of a brick unit due to capillarity. Water suction has an important effect on the 
tensile bond between the brick and the mortar. A brick with high suction rate tends to 
dry out the mortar so fast that it will not retain the proper amount of water needed for 
high strength and good bond. The initial rate of absorption test was done following Section 
9 of AS1M C-67 Standard (Ref. 47). A steel tray with measures 14"x24" and 1" deep 
was selected. Two stainless steel bars 6" long and with a square cross section of 1/4" were 
used to support each brick. The water was put into the tray using a 4 mm hose until the 
water table was 3/8" deep with respect to the bottom of the tray (1/8" with respect to the 
stainless steel bars). Then, each brick was placed into the test setup for one minute, and 
weighed on the 2500 g balance immfdiately after. The initial rate of absorption, X, defined 
as the gain in weight of a brick after one minute of immersion to 1/8" of the depth of 
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a dry brick in cold water is then computed as : 
where: 
... 2.1) 
x = gain in weight corrected to basis of 30 in2 flatwise area, oz/min 
Wd = weight prior to immersion, g. 
WI = weight after immersion, g. 
L = length of the specimen, in. 
B = width of the specimen, in. 
Dry full-size bricks were used to perform the modulus of rupture test as outlined in Section 
5 of ASlM C-67 Specifications. The test specimen was supported flatwise approximately 
0.5" from both ends and loaded at midspan to its upper surface through a steel bearing 
plate 1/4" in thickness and 11/ 2" in width and 4" in length. The speed of loading was 2000 
pounds per minute. The modul~s of rupture for each specimen was computed as : 
where: 
If, = ~W; 
f, = modulus of rupture, psi. 
W = maximum load indicated by the testing machine, lb. 
1 = distance between the supports, in. 
b = average overall width, face to face, of the specimen, in. 
... 2.2) 
d = average overall depth, bed surface to bed surface, of the specimen, in. 
The absorption characteristics of clay brick constitute an acceptable measurement of its 
durability. Water absorption and saturation coefficient test procedures are outlined in 
Section 7 of ASTM specification F~67. Half brick units were used as specimens. Dry 
specimens were firstly weighed on a 2500 g capacity balance. The specimens were 
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immersed in cold water for 24 hours, then retired and wiped off with a damp cloth, and 
finally weighed. After the specimens were weighed, they were immersed in boiling water 
for 5 hours and removed after the water cooled by natural loss of heat. The specimens 
were wiped off with a damp cloth and then weighed in the 2500 g capacity balance. The 
water absorption and the saturation coefficient of each specimen were then computed as: 
where: 
Ab . M. 100 (W.f24 - W,) sorption, -;0 == W, ... 2.3) 
S . C ,n; . W.f24 - W, aturatzon oeJpClent = ITT W 
"bS- , 
... 2.4) 
W d = dry weight of the specimen. 
Ws24 = saturated weight of the specimen after 24-h submersion in cold water. 
Wb5 = saturated weight of the specimen after 5-h submersion in boiling 
water. 
Half-brick specimens were tested in a 100 kips testing machine according to Section 6 
of the AS1M C67 specifications. Specimens were capped prior to testing using hydrocal. 
Compressive strength of the brick units, f'b' was in the range of 5200-5550 psi. 
The average values obtained from the different tests performed on the bricks were: 
Wet Volumetric Weight, 1w = 112 Ib/ft3 
Dry Volumetric Weight, 1d = 105 Ib/ft3 
Modulus of Rupture, f, = 260 psi 
Initial Rate of Absorption, X = 2.30 oz/min = 65.3 g/min 
Water Absorption = 13.8% 
Saturation Coefficient = 0.74 
Compressive Streng~, f'b = 5360 psi 
i 
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Based upon the average and maximum (or minimum) values computed for the flat-wise 
compressive strength, the saturation coefficient and water absorption by 5 hour of boiling 
water, the bricks tested from the firehouse could be classified for durability purposes as 
Severe Weathering (SW) bricks even at their current conditions, according to Table 2-4 
of Ref. 64. 
2.3.2 Mortar Studies 
It was particularly important to try to represent as closely as possible the mortar mix used 
a century ago to join the prisms. Studies of the original mortar mix were done by a 
consulting engineering lab. The results of the petrographic, X-ray diffraction, and chemical 
analyses suggested that the mortar was made with a natural siliceous sand, a hydrated 
lime and some cement. 
Petrographic studies revealed that the sand in the mortar is a natural siliceous sand 
containing quartz and chert as major components and feldspar, basalt, ultrabasic rocks, 
and limestone as minor to trace components. The mortar paste contains Portland 
cement-like particles and hydrat~d lime with an estimated three percent entrapped air. 
X-ray diffractometry techniques were used to analyze the mortar sample for crystalline 
components. Major amounts of feldspar, quartz and calcium carbonate were detected. The 
calcium carbonate detected in the mortar can be either natural calcite (limestone) or 
carbonated calcium hydroxide from the hydrated lime because the crystalline forms are 
the same for both compounds. 
The mortar sample was analyzed for compound concentrations by chemical methods 
specially selected as most applicable to the constituents, as identified by the x-ray 
diffractometry and petrographic studies. Soluble silica was determined by the method of 
ASTM CI084 specification (Ref. 47), "Cement Content of Hardened Portland Cement 
Concrete," which is applicable to o~her Portland cements systems such as mortars, grouts, 
and setting beds. Calcium and magnesium oxides were determined by atomic absorption 
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spectroscopy. Insoluble residue was determined by acid digestion. Portland cement was 
calculated Jrom the soluble silica data in accordance with AS1M Cl084 specification. The 
soluble silica in the mortar could have come from cement-like components due to burning 
of impure limestone or to soluble siliceous fragments in the sand. Hydrated lime was 
calculated from the calcium oxide data and is overestimated to the extent of any calcite 
in the sand. Sand was assumed to be insoluble residue and is underestimated to the extent 
of any calcareous ,components. Losses on ignition at various temperatures were determined 
as a measure of: a) free moisture at 110°C, b) combined water at 550°C, and c) carbonates 
and carbonation at 950°C. The analytical data for these chemical analyses done for the 
mortar sample are : 
Soluble silica. % 1.30 
Calcium oxide, % 10.17 
Magnesium oxide, % 0.11 
Insoluble residue, % 79.46 
Loss on ignition, %: 
to 110°C 0.32 
110°C to 550°C 1.27 
550°C to 950°C 7.19 
Hydrated lime, % 13.43 
Sand, % 79.46 
Hydrated lime : sand volumetric proportions 1: 3 
Therefore, the analytical data provided by these analyses indicated either the use of 
hydraulic lime that contained some Portland cement-like components due to burning of 
an impure limestone, or the use of both lime and small amount of portland cement. Because 
f 
modern limes are generally made by the calcination of relatively pure limestones or 
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dolomites, the original mortar could be best duplicated by employing a Portland cement 
: calcitic hydrated lime: sand with volumetric proportions of about 1:3:15. 
2.3.3 Prism Tests 
In addition, two half-unit, three-unit tall prisms were tested to have an estimate of Young's 
modulus and compressive strength. Since the initial rate of absorption of the bricks 
extracted was too rapid for their current conditions, the bricks were prewetted prior to 
laying them on prisms. The prisms were joined with a mortar mix prepared at the lab 
according to the volumetric proportions suggested from the mortar studies. The mortar 
joints were built 1/2" thick in agreement with the observed thickness of the bed joints at 
the walls of the structure. The prisms were then cured at the lab's wet room for 28 days 
and later retired to let them dry at normal room temperature. When the prisms were dry 
enough, a set of steel angles were glued to the first and third half-brick centroids at two 
opposite sides of the ,specimen using epoxy resins, as it can be seen in Picture 2.4. This 
was done in order to mount two dial gages at each prism to measure the axial deformation 
of the prism during the compress,ion test. The prisms were capped prior to testing using 
hydrocal. 
The prisms were tested according to the ASTM 'specifications using a 10.0 kips testing 
machine. The testing setup is shown in Picture 2.4. The deformations between two fixed 
points on the prism at both sides were measured by using two 1/10000-in precision dial 
gages mounted on steel angles (picture 2.4), and by the machine deformations readings 
prior to, and during testing. The speed of loading was maintained at 4 kips per minute. 
Young's modulus was calculated from the data of the average curves obtained from these 
readings. Young's modulus was determined at strain levels from 0.0009 to 0.0025 
approximately. The average Young's modulus value computed from the prism tests was 
515 ksi. The estimation of Young'~ modulus given by these prisms tests constitutes only 
an index value to start with on the calibration of the elastic analytical models under study, 
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and it should not be interpreted as the true elastic modulus of the walls of the firehouse. 
The average compressive strength of the prisms, f'm, was 1325 psi. The rather low value 
of the compressive strength of the prisms is attributed both to the weak mortar used to 
joint the bricks, as well as the thickness of the mortar joints used, which was 0.5 inches 
thick, representing the ones built in the firehouse. 
2.4 Mass Considerations 
The total mass of the building was estimated based on the information given on blueprints 
and field surveys. The uniformly distributed dead and live load of the diaphragms at the 
1st story level was estimated as 67.5 psf, and the roof level considering the ceiling load 
was 50 psf. Self weight of the brick masonry walls was assumed to be 10 psf per inch 
of thickness. Self weight of glass was taken as 8 psf. The computed masses for the building 
for the dynamic analyses are 1223.7 Ib-sec2/in (weight = 473 kips) at the roof level and 
1288.2 Ib-sec2/in( weight = 498 kips) for the first floor level. The total mass of the structure 
at the foundation level is 2744.5 Ib-sec2/in (weight = 1060 kips). 
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Picture 2.1 South elevation of the firehouse of Gilroy 
Picture 2.2 Southeast view of the firehouse of Gilroy 
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Picture 2.3 Southwest view of firehouse of Gilroy 
PictUre 2.4 Prism test setup 
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T 2nd C) North Wall 
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8" brick parapet 
a) Connection between the 
south wall and the roof 
1/2" plywood over 
1 x diag .• heathing 
wood lath &. 114" 
planer ceiling 
c) Connection between the west wall 
and the first floor diaphragm. 
12" brick: wall 
3/4" cp rod. 
Wood lath &. 1/4" plaster ceiling 
b) Connection between the 
north wall and the roof 
2x6 decking 
4x6 @ 3'-4" O.c. 
4x8 cont. ledger with 
S18" cp x 8" boltl 
@ 2'0" O.c. 
d) Connection between the east wall 
and the first floor diaphragm. 
Figure 2.4 Connection details :between walls & diaphragms at the firehouse of 
Gilroy (details taken from DAASE :Qesign Inc. blueprints) 
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head joint removed 
hydraulic jack load cell displacement gauge 
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OBSERVED RESPONSE DURING THE LOMA PRIETA 
EARmQUAKE 
3.1 Observed Damage 
Despite the level of shaking, the building suffered little damage. The only damage which 
could be observed was a few cracks at" the top and bottom of piers between window 
openings at the south wall, as well as incipient shear cracks at the southeast and northeast 
comers at the second story. Typical 45-degree cracks were observed running down from 
the top comer of the wall to the top comer of the windows (picture 3.1), but their length 
was relatively short and their thickness was very narrow. No damage was found "on other 
walls; however, it is possible that the walls could have experienced mild damage that could 
have not been observed, especially in the interior wythes. 
Evidence of relative diaphragm movement. was found at the southeastern comer at the 
second level, where the ceiling's plaster cracked approximately three feet along the east 
wall. There was no physical evidence, however, that the connections between the walls 
and the diaphragms were deteriorated quring the earthquake. Therefore, the reduced level 
of damage observed suggests that the structure might have responded primarily elastically 
during the earthquake. 
3.2 Recorded Motions During the Lorna Prieta Earthquake 
It is believed that this century old building is one of the first URM buildings that has been 
both instrumented and subjected to a moderate earthquake in U.S. history. The structure 
was instrumented by the California Strong Motion Instrumentation Program (CSMIP) with 
six sensors (Refs. 22, 68). The distribution of the sensors is shown schematically in Fig. 
3.1. Three sensors recorded ground motions (sensors 1 to 3, Figs. 3.1 and 3.2), and three 
recorded motions at the roof lever" (sensors 4 to 6, Figs. 3.1 and 3.2). The roof records 
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were not synchronized with the ground floor records. They started to trigger approximately 
1.8 seconds earlier than the ground floor records (Ref. 22). The roof sensors recorded 
25 seconds, while the ground sensors recorded up to 40 seconds. The first 25 seconds 
of corrected and synchronized recorded motions are presented in Fig. 3.2. Peak 
accelerations are summarized on Table 3.1. 
Table 3.1 Peak accelerations recorded at the fIrehouse of Gilroy 








3.2.1 Observed Response in the East-West Direction 
Considerable amplification of peak acceleration between the ground and the roof records 
was observed in the east-west direction. The central wall experienced a peak acceleration 
of O.41g at the roof level (sensor 4, Fig. 3.2), while at the center of the diaphragm between 
the south and central wall, a peak acceleration of O.79g was experienced at the same level 
(sensor 5, Fig. 3.2). The peak ground acceleration in that direction was O.29g (sensor 3, 
Fig. 3.2). Therefore, there were amplifications of 1.45 times between the peak ground and 
top wall accelerations, and 1.90 tirries between the wall and the diaphragm. 
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The maximum relative displacements between the ground and the roof records were 
determined by subtracting the displacement time history of the ground from the 
displacement time histories of the roof records, therefore identifying the peak dynamic 
drifts. The computed maximum dynamic drifts between the ground level and the center 
of the south diaphragm at the roof computed this way was 1.30" (using the recorded 
motions of sensors 3 and 5), whereas between the central wall at the roof level and the 
ground was 0.56"(using the records of sensors 3 and 4). Therefore, a maximum dynamic 
in-plane distortion of 0 .17% times the height was experienced at the center wall and a 
maximum dynamic out-of-plane distortion of 0.41 % times the height was imposed to the 
east and west walls by the south roof's diaphragm in this direction. 
Normalized Fourier amplitude spectra computed for the east-west ground motion (Fig. 
3.3) identified that relatively large amounts of energy were input within period ranges from 
0.40 to 0.55, 0.95 to 1.10, and 1.15 to 1.60 seconds, with the peak being at 1.55 seconOs. 
Ground accelerations in this direction included a single pulse with a fairly long period of 
approximately 1.55 seconds near the 4.0 seconds mark (sensor 3, Fig. 3.2). Peak response 
in this direction was associated with that pulse (Fig. 3.3). Absolute acceleration response 
spectra for different damping ratios (Fig. 3.4) suggests that the response of a system with 
natural period in the neighborhood of 0.40-0.45 seconds would be highly amplified. 
The normalized Fourier amplitude spectra for the central wall and diaphragm records at 
the roof level (Figs. 3.5 and 3.6 respectively) indicate that the structure had a natural period 
of 0.45 seconds in the east-west direction, where most of the energy was released, while 
significant components on other period ranges were also observed. This identified natural 
period suggests that the response of the structure was amplified in part because of an 
harmonic response with the ground motion. 
The spectra computed from accelerations at the top of the central wall (Fig. 3.5) shows 
substantial energy releases in the 1.00 and 1.55 seconds period range, closely related to 
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the ground-motion spectra. In contrast, the spectra computed from accelerations at the 
center of the south roof diaphragm (Fig. 3.6) has a considerable component in the 0.33 
second period range while the components on the 1.00 and 1.55 seconds period mark are 
considerably reduced. 
These data suggest that the central wall was stiff enough to still contain in its response 
a significant participation of the ground motion, whereas the diaphragm essentially 
responded at its own frequency, filtering the ground motion and dominating the response 
of the structure. 
In Fig. 3.7, the normalized Fourier amplitude spectra computed for the ground record 
(sensor 3) is compared with respect to the spectra computed for the motions recorded at 
the top of the central wall (sensor 4). It is clear from Fig. 3.7 that the frequency content 
of both records is very similar, therefore, the central wall behaved essentially in a very 
stiff way as observed. This observation can also be confirmed by the fact that the 
normalized amplitudes in the low period range for the wall (sensor 4) are higher with 
respect to those of the ground floor (sensor 3). 
In Fig. 3.8, the normalized Fourier amplitude spectra computed for the ground motion 
record (sensor 3) is compared with the spectra computed for the diaphragm motions 
(sensor 5). The frequency content of the diaphragm's spectra is not as rich as the one 
of the ground motion, and a clear dominant frequency is identified at 0.45 seconds. The 
Fourier amplitude spectra of the diaphragm response is smoother from the dominant 
frequency at both ends of the spectrum than the Fourier amplitude spectra of the ground 
motion. Therefore, the diaphragm essentially responded at its own frequency as mentioned 
before. 
The absolute acceleration response spectra for 5% viscous damping ratio for the recorded 
east-west motions is presented in F;ig. 3.9. The spectral curves for the recorded motions 
f 
at the ground and at the central wall and the south diaphragm at the roof level are very 
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similar in this particular case. As expected because of the amplitudes of the recorded 
motions, the .amplitudes of the diaphragm's spectra are higher than those of the central 
wall and the ground. The diaphragm's spectra is, however, smoother than those of the 
ground and the central wall due to its relatively inferior frequency content in the lower 
and higher frequency ranges. The wall's spectra is smother than the ground's spectra in 
the lower frequency (high period) range, however, it has a slightly richer response in the 
high frequency (low period) range as a direct consequence of its relatively frequency 
content (Fig 3.7). 
3.2.2 Observed Response in the North-South Direction 
Amplifications between the roof motions and the ground were also observed in the 
north-south direction. The peak acceleration of the center of the diaphragm between the 
south and the central wall at the roof level was O.SSg (sensor 6, Fig. 3.2). The peak ground 
acceleration in that direction was O.24g (sensor 1, Fig. 3.2). Therefore, there was an 
amplification of 2.22 times between the peak ground and the roof diaphragm accelerations 
in the north-south direction. From the records, a maximum relative displacement of 0.40" 
between the roof diaphragm and the ground was computed. Thus, apeak out-of-plane 
distortion of 0.13% times the height was imposed to the south and/or to the central wall 
by the south roof's diaphragm in this direction. 
Normalized Fourier amplitude spectra computed for the north-south direction(Fig. 3.10) 
suggested that an important amount of energy was input at a dominant period of about 
0.49 seconds, with important energy inputs in the period ranges from 0.25 to 0.50, 1.00, 
1.10 and 1.50 to 1.60 seconds. Absolute acceleration response spectra for different 
damping ratios (Fig. 3.11) identified peak responses in the 0.30 to 0.55 seconds period 
range, with a dominant undamped period at 0.40 seconds and dominant damped period 
at 0.33 seconds. The normalized ~ourier amplitude spectra for the diaphragm record at 
the roof (Fig. 3.12) indicates that the structure had a natural period of 0.325 seconds in 
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the north-south direction, while significant components in other period ranges were also 
observed. 
In Fig. 3.13, the normalized Fourier amplitude spectra computed for the ground motion 
record (sensor 1) is compared with the spectra computed for the diaphragm motions 
(sensor 6) in the north-south direction. As observed in the east-west direction, the 
frequency content of the diaphragm's spectra is not as rich as the one of the· ground motion. 
The Fourier amplitude spectra of the diaphragm response is smoother than the Fourier 
amplitude spectra of the ground motion. Thus, the diaphragm also filtered the ground 
motion response in the north-south direction. 
The absolute acceleration response spectra for 5% viscous damping ratio for the recorded 
north-south motions is presented in Fig. 3.14. The spectral curves in this direction are 
not similar to those in the east-west direction. As stated earlier for the east-west direction, 
the amplitudes of the diaphragm's spectra in the north-south direction are, as expected, 
higher than those of the ground, because of the recorded amplitudes of the ground motions. 
The north-south diaphragm's spectra is smoother than the ground's spectra, particularly 
! 
in ti'1e low frequency range, because of its relatively inferior frequency content, as seen 
in Fig. 3.13. 
3.2.3 Vertical Ground Motions 
Vertical accelerations are a concern in unreinforced masonry structures since they can 
adversely affect the stresses due to gravity loads, especially if these accelerations are high. 
The recorded vertical ground accelerations are presented in Fig 3.2 (sensor 2). The 
recorded accelerations present a dominant high frequency content in a period range 
between 0.10 to 0.20 seconds. It shown in Table 3.1 that the peak recorded vertical ground 
acceleration was 0 .14g, which is too low to have any significant impact in the magnitude 
," f 
of the gravitational load stresses. 
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3.2.4 Directiyity Effects of the Incoming Seismic Waves 
From the observation of the ground motion records presented in Fig. 3.2 and the proximity 
in the absolute value of the peak ground accelerations recorded in both directions (O.29g 
for the east-west direction, O.24g in the north-south direction), it is believed that the 
seismic waves hit the structure in an incoming oblique angle. The recorded and computed 
data from the sensors suggested that the firehouse was more severely shaken in the 
east-west direction than in the north-south direction. This was also directly related to the 
intrinsic characteristics of the resisting structural system in each direction. 
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picture 3.1 Damage on the southeast corner of south wall 
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Figure 3.1 Location of sensors at the firehouse of Gilroy 
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Figure 3.2 Recorded motions' at !the firehouse during the Lorna Prieta Earthquake 
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Figure 3.3 Normalized Fourier amplitude spectra for sensor 3 
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Figure 3.9 Comparison of absolute acceleration response spectra for 
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Figure 3.11 Absolute acceleration response spectra for sensor 1 
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Figure 3.14 Comparison of absolute acceleration response spectra for sensors 1 & 6 
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CHAPTER 4 
PRELIMINARY ESTIMATES OF NOMINAL STRESSES 
It is expedient to use simplified methods of analysis to make crude estimates of seismic 
response. Sll:ch analyses should suggest reasons why a structure may survive or not when 
subjected to earthquake motions. Traditional shear and combined stress equations from 
classical mechanics of materials are useful tools to help understand the behavior of 
masonry structures. 
4.1 Shear Stresses 
4.1.1 Elastic Solution 
Quick estimates of in-plane shear stress can be obtained by using the classic elastic 




:ry lb ... 4.1) 
T xy = average shear stress through the width, and at the depth of interest 
of a given cross section. 
v = acting shear force. 
Q = first moment of areas about the neutral axis of bending. 
I = moment of inertia of the section with respect to the neutral axis, 
b = width of the cross section at the depth of interest. 
Shear stress is maximum at the neutral axis and null at the free edges. It can be shown 







Equation 4.2 constitutes a crude approximation for perforated rectangular walls because 
the cross section is not solid. Notwithstanding, it is a useful tool to estimate the levels 
of stress that the walls could have been subjected during the earthquake, because it is a 
simple and convenient procedure to obtain index values of the peak shear stresses. 
4.1.2 Preliminary Estimates Based on the Recorded Motions 
Preliminary estimates of the maximum shear stress were computed by using Equation 4.2 
together with the information extracted from blueprints and recorded motions, which are 
given in Chapters 2 and 3. These computed shear stresses were compared with the 
allowable shear stresses given by the Uniform Code for Building Conservation (UeBC, 
Ref. 65), the 1988 Uniform Building Code (UBC, Refs. 39, 71), the Building Code 
Requirements for lviasonrj Structures ACI 530-88/ASCE 5-88 (Ref. 10), and t.&~e ultimate 
shear stress given by the ABK Methodology (Ref. 5). 
The maximum shear force resisted by each shear wall is difficult to extrapolate from 
i 
accelerations measured at only.' one point, particularly for a building with flexible 
diaphragms. The distribution of the total mass of the building among individual walls can 
be reasonably assumed to be proportional to the tributary areas of those walls in the 
direction under consideration for flexible diaphragms. The computed masses for each wall 
at each level are presented in Table 4.1, which are based on the considerations presented 
in Section 2.4. The. central wall carried most of the mass in the east-west direction, while 
in the north-south direction the masses were evenly distributed in the east and west wall. 
The total mass in both directions should be exactly the same. The effective shear areas 
for each wall presented in Table 4.1 were computed at the fist interstory lev.el, based upon 
the pier sections among openings (see wall elevations, Figs. 2.2 and 2.3). As a result, in 
the east-west direction, the south wfill has the smallest shear area due to the large windows 
and door openings at the first floor, while the north wall has the largest shear area due 
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to the lack of openings at that level. In the north-south direction, the east wall is much 
more flexible than the west wall that is very solid. 
Reasonable estimates of peak accelerations for each wall at the diaphragms' level are 
difficult to obtain from a single record, unless a more sophisticated analysis, Le., the 
discrete multi-degree-of-freedom dynamic model presented in Chapter 5 and illustrated 
in Chapter 6, would have been carried out. Only the motions at the central wall at the 
roof level in the east-west direction were recorded, in addition to those at the south 
diaphragm at the same level (Figs. 3.1 and 3.2).· The extrapolation of the peak acceleration 
of O.41g recorded at the roof at the central wall to the south and north walls has no 
theoretical justification because of : 1) the evident flexible nature of the diaphragms which 
transmit the seismic forces from one wall to another (see the amplifications of the response 
between sensors 4 and 5, Figs. 3.1 and 3.2); 2) the intrinsic difference in the stiffness 
of the diaphragms (the north diaphragm is stiffer than the south diaphragm, where the 
motions were recorded); and, 3) the intrinsic difference in the stiffness of the walls (the 
north wall is stiffer than the central wall, which is stiffer than the south wall). 
However, and in light of simplicity, it was arbitrarily assumed that the peak acceleration 
at both the south and north walls was similar to that one recorded at the central wall (that 
is, as if the diaphragms were rigid). The distribution of the accelerations within the wall 
were assumed to vary linearly, based upon the peak responses recorded at sensor 4 and 
3 (Figs. 3.1 and 3.2), as illustrated in Fig. 4.1. 
No accelerometers were placed on the walls running in the north-south direction. However, 
the ground and the roof records (sensors 1 and 6, Figs. 3.1 and 3.2) suggested that the 
accelerations experienced by those walls could have been smaller than those recorded at 
the central wall. Therefore, and because of the lack of information on the peak acceleration 
levels experienced at the walls in tq"e N-S direction, it should be conservative to take the 
peak acceleration recorded at the central wall to compute stresses in the east and west 
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walls. In summary, the peak accelerations recorded and inferred for the central wall using 
sensors 4 and 3 (Figs. 3.1 and 3.2) were used to preliminary estimate the maximum shear 
stresses at all walls during the Lorna Prieta Earthquake. These maximum shear stresses 
computed according to Equation 4.2 are presented in Table 4.1. 
Table 4.1 Preliminary maximum shear stresses at the walls of Gilroy irrehouse 
based upon the recorded peak accelerations at the central wall and the ground 
MASS ACCELERATION BASE SHEAR SHEAR 
WAlL (Ib-sec2 lin) (g) SHEAR AREA STRESS 
1st floor roof 1st floor roof (kips) (in2) (psi) 
South 437.71 415.10 0.34 0.41 123. 3,264 57. 
Central 571.41 539.47 0.34 0.41 160. 4,620 52. 
North 279.20 269.16 0.34 0.41 79. 6,060 20. 
East 626.39 611.94 0.34 0.41 179. 5,196 52. 
West 661.84 611.79 0.34 0.41 184. 8,268 33. 
The data of Table 4.1 suggest that the maximum shear stresses for the central, south and 
east wall may have been significant. The data of Table 4.1 do not give a complete picture 
of what really happened, because the distribution of accelerations measured and 
interpolated from the records of the central wall and the ground was used for all walls, 
which is a rather crude approximation. More sophisticated methods of analysis are used 
in Chapters' 6 and 7 to determine the peak accelerations experienced at each individual 
wall and to estimate shear stresses. 
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4.1.3 Allowable Shear Stress 
The provisions for allowable shear stress for unreinforced masonry recommended by 
different building codes and recommendations, such as the ABK Methodology, UCBC, 
the 1988 UBC, and the ACI 530-88/ASCE 5-88, are next presented. These proposed code 
values are then compared with the preliminary computed maximum shear stresses at each 
wall. 
4.1.3.1 ABK Methodology 
The ABK Methodology (Ref. 5) is used widely in California, and is based upon an 
experimental research program conducted by the ABK group. The shear stress capacity 
of unreinforced masonry proposed by the methodology is given by the equation : 
where: 
... 4.3) 
va = shear capacity,-' psi. 
P == axial load, lb. 
A = gross area of pier, in2• 
Vt = 20th percentile of in-plane test shear values reduced to equivalent shear 
at zero axial stress. 
In other words, Vt is the basic bed-joint shear stress equal to the tested value that has 
20% of the test values lower and' 80% of the test values higher, once they have been 
corrected by subtracting the axial dead load stress. 
Equation 4.3 was developed assuming that the bed-joint shear in existing unreinforced 
masonry piers could be directly related to the basic tested shear and the axial stress normal 
to the bed joint. The first 3/4 factor in Equation 4.3 is a reduction factors to adjust for 
workmanship. The second 3/4 factor is to account for probable bonding on the collar joint. 
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Equation 4.3 is presented in Section 9.6 of The Methodology (Ref. 5). Equation 4.3 has 
been proposed for the evaluation of historic unreinforced brick masonry buildings in 
earthquake hazard zones (Section 5.1. 7, Ref. 6). The ABK Methodology assumes that shear 
stresses are parabolically distributed across the depth of the cross section according to 
the elastic solution given by Equations 4.1 and 4.2. 
4.1.3.2 UCBC Code 
The Uniform Code for Building Conservation, UCBC (Ref. 65) stipulates in Section 
A108(b) that the allowable unreinforced masonry shear stress, Va, shall be'determined 
by Equation Al-2 of the code: 
where: 
... 4.4) 
va = allowable shear stress for unreinforced masonry, in psi. 
PD = superimposed dead load at the top of the pier under consideration, in 
pounds. 
A = area of unreinforced masonry pier, in square inches. 
Vt = mortar shear strength, in psi, as specified in Section A106(c) 3D of the 
code. 
Mortar shear strength is defined as the value in psi that is exceeded by 80 percent of all 
the mortar shear test values, Vto, obtained from applying Equation Al-l of the code to 
each in-situ shear tests (shove tests) done inthe field. The mortar shear strength Vt shall 
not exceed 100 psi for the determination of Va-
Therefore, the UCBe code requires the use of in-situ tests in order to determine shear 
stresses of existing unreinforced masonry bearing wall buildings. This measurement seems 
adequate, especially for old structll!es, where there is no reliable information regarding 
j 
the mechanical properties of the materials used in the building. The positive influence 
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of the normal compressive stress in the shear stress is recognized in Equation 4.4. As it 
can be observed, the equation provided by the UCBC code to estimate allowable shear 
stresses is based upon the equation proposed by the ABK Methodology to estimate the 
shear capacity but divided by a safety factor of 5 approximately, which could be an over 
conservative measure. 
4.1.3.3 1988 UBe Code 
The 1988 Uniform Building Code (Ref. 39) outlines its provision regarding masonry 
structures in Chapter 24 (Ref. 71). The allowable shear stress for unreinforced masonry 
shear walls, FlI , is contained in Section 2406.(c)7 A. For clay units, Fv is determined by 
the Equation 6-9 of Chapter 24 of the code : 
where: 
Fv = 0.3(f '".)1/2 + O.201ma' S 80 psi ... 4.5) 
Fv = allowable shear stress for masonry, in psi 
f'm = specified compressive strength of masonry at the age of 28 days, in 
psi. 
fmd = computed compressive stress in masonry due to dead load only, in 
psi. 
These provisions were based upon an experimental data base intended for new constructed 
buildings rather than old ones such as the firehouse of Gilroy. The positive influence of 
the compressive axial stress in the shear stress is recognized in Equation 4.5' as well. 
However, the provisions seem to be conservative. It should be noted that the UBC code 
criterion with respect to shear stress is based on an average shear stress rather than the 
theoretical parabolic stress distribution given by Equation 4.1. 
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4.1.3.4 ACI 530-88 I ASCE 5-88 Code 
The ACT 530-88 code (Ref. 10) provisions regarding shear for unreinforced masonry are 
contained in Section 6.5 of the code. The allowable in-plane shear stress for unreinforced 
masonry shear walls shall not exceed the lesser of the val~es given in Sections 6.5.2 (a), 
(b) and (c) by Equations 4.6 to 4.8 below: 
where: 
Ny 
Fy ~ v + 0.45A 
" 
Fv ~ 120 psi 
Fv = allowable shear stress of masonry, psi. 
f'm = specified compressive strength of masonry, psi. 
Nv = force acting normal to shear surface, lb. 
An = net cross-sectional area of masonry, in2• 
... 4.6) 
, .. 4.7) 
, .. 4.8) 
v = shear stress deBending on the type of masonry under study, 60 psi for 
solid masonry in running bond, 
The ACI 530-88 code is intended for design of new construction and not for the evaluation 
of existing buildings. The provisions also take into consideration the favorable effect of 
the compressive stress in the shear stress. These provisions seem to be less conservative 
than those of the UBC and UCBC codes. The code criterion for shear stress is based upon 
the parabolic stress distribution given in Equation 4.1. 
4.1.4 Estimated ys Allowable Shear Stresses 
The maximum shear stresses listed in Table 4.1 are compared in Table 4.2 with the 
allowable shear stresses computed ;from Equations 4.4 to 4.8 and with the shear capacity 
.i 
of the ABK Methodology given by Equation 4.3. The average shear stress is also given 
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for direct comparison with the 1988 UBC code provisions. The compressive strength of 
the masonry, f'm, was defined as 1325 psi, according to the lab material tests performed 
with the bricks extracted from the firehouse (Section 2.3.3). The basic bed-joint shear 
stress Vt was determined as 85 psi from measured in-place shear test data (Section 2.2). 
The amount of compressive axial stress due to dead load only for each wall is also given 
in Table 4.2. The walls were assumed to carry the dead loads of the floor systems according 
to their corresponding tributary areas, in addition to their respective self weight. 
Table.4.2 Estimated vs allowable shear stresses at the frrehouse of Gilroy (psi) 
Estimated Wall Stresses Ultimate Shear Allowable Shear 
Wall Axial Average Max. ABK (max) UCBC UBC ACI530 
Shear Shear (max) (ave) (max) 
South 44. 38. 57. 81. 15. 20. 55. 
Central 40. 35. 52. 78. 15. 19. 55. 
. North 25 . 13. 20. 67. 12. 16. 55. 
East 41. 35. 52. 79. 15. 19. 55. 
West 29. 22. 33. 70. 13. 17. 55. 
The maximum shear stresses presented in Table 4.2 are'much higher than the allowable 
shear limits prescribed by the UeBC code provisions. Hence, under the UCBe criterion, 
severe shear cracking should be expected at the firehouse. In contrast, the structure stood 
the Lorna Prieta Earthquake with little damage (at the south wall only), as described in 
Section 3.1. The UeBC provisions constitute the current state-of-the-art in the evaluation 
of existing unreinforced masonry ~uildings. 
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Under the 1988 UBC code criterion, only the north wall should be expected to survive 
the earthquake without severe shear damage if the estimated average shear stresses would 
have been present. Under the ACI 530-88 criterion, the south wall should be expected 
to suffer some shear damage while the rest of the walls should have remained undamaged.-
Therefore, data in Table 4.2 suggests that both the UCBC and the 1988 UBC code are 
very conservative regarding allowable shear stresses for unreinforced masonry 
bearing/shear walls, whereas the provisions of the ACI 530-88 code seem to apply well 
in this particular case. On the other hand, the provisions of the ABK Methodology predicted 
that the structure should have survived the Lorna Prieta Earthquake undamaged, since it 
had enough capacity to resist the maximum shear stress levels at which it was subjected 
during the earthquake. 
More importantly, data in Table 4.2 suggest that maximum shear stresses at the walls were 
less than 67% of the determined in-plane shear strength of 85 psi. On the basis of the 
approximate stresses computed this way, it is credible that the masonry should not have 
cracked. 
The evident discrepancy that exist~i in the determination and the magnitude of the allowable 
shear stress between two different modem codes such as the ACI 530-88 and the UBC 
1988 can be noticed from the direct comparison of Equations 4.5 to 4.8, but it is illustrated 
for this specific case study. Normalizing the maximum allowable shear stress values for 
the ACI 530-88 to the average stress criterion of the UBC, the equivalent allowable average 
shear stresses predicted by the ACI are 1.8 to 2.3 times higher than those predicted by 
the UBC code. Both codes only agree in the maximum average shear stress of that should 
be allowed (80 psi, from Equation 4.5 ,and normalizing Equation 4.8 to average stresses). 
Therefore, both codes criteria will only agree for unreinforced masonry structures with 
very high prism compressive strength and substantial amount of axial compressive stresses 
due to dead load. 
.I 
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4.2 Combined Bending and Axial Stresses 
4.2.1 Elastic Solution 
It is important to know if a state of net tensile stress will exist because of the inherent 
low tensile strength that unreinforced masonry possesses. Quick estimates of the net 
flexural tensile stress can be easily determined by using the following classic combined 
stress equation : 
where: 
P M 
-- ±- S F. A S I 
Pt = allowable working stress criterion given by the code. 
P = acting axial force. 
A = net axial area. 
M = acting bending moment. 
S = section modulus. 
... 4.9) 
Equation 4.9 can be rewritten non-dimensionally as the well known compressive stress 
"unity formula", a very popular procedure adopted for a wide variety of construction 
materials by most codes. 
4.2.2 Preliminary Estimates Based on the Recorded Motions 
Preliminary estimates of the maximum combined stress states in the walls were computed 
by using Equation 4.9 together with the information provided by blueprints and recorded 
motions, which are provided in Chapters 2 and 3. These computed stresses are presented 
in Table 4.3. A cantilever model (Fig. 4.2) was assumed throughout the computations. 
Bending moments at the base of each wall were determined assuming the lateral force 
distribution presented in Fig. 4.1 anp the acceleration values of Table 4.1. Section moduli 
and net axial areas of the cantiIev~r models are the minimum computed at the middle 
l 
section of the first story, considering all openings. The given axial load, P db is the total 
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axial load (dead and live) carried by each wall at the base. The total estimated weight 
for the building at the base level is 1060 kips. 
The information given in Table 4.3 suggests that in the east-west direction, the central 
wall is subjected to a considerable amount of bending stresses due to the asymmetry of 
the cross section (low section modulus), and because this wall carries almost half of the 
total mass when the building is shaken in this direction (Table 4.1). In the north-south 
direction, the east wall is subjected to major bending due to its low section modulus. The 
compressive axial stress in the south wall under dead load only, fad, due primarily to its 
reduced axial area because of the openings, seems to be enough to lessen the effects of 
net flexural tension in the wall. 
Table 4.3 Preliminary combined stress states at the walls of Gilroy fIrehouse 
based upon the recorded peak accelerations at the central wall and the ground 
Wall Bending Axial 
M (k-in) S (in3) fb (psi) Pdl (kips) A (in2) fad (psi) fadl (psi) 
South 29,475 476,082 
: 62. 180. 3,264 44. 55. 
Central 38,853 376,654 103. 247. 4,620 40. 53. 
North 19,023 487,541 39. 179. 6,060 25. 30. 
East 43,085 548,700 79. 262. 5,196 41. 50. 
West 43,767 970,272 45. 292. 8,268 29. 35. 
According to Table 4.3, all walls are subjected to a certain degree of net flexural tension 
(fb - fad), being the central and the west walls in the most unfavorable conditions. The 
walls did not crack for this condition because their tensile strength was sufficient to 
withstand these stress levels. The total level of axial stress at each wall taking into account 
63 
both the dead and live load, fadl' is low compared to the compressive strength of the 
masonry, f'm .Thus, the values of compressive stresses presented in Table 4.3 suggest that 
no wall should have had any problem due to net compressive stresses. 
4.2.3 Allowable Combined Stress Criteria 
The criteria specified for combined stress states in unreinforced masonry by the 1988 
Uniform Building Code (UBC, Refs. 39, 71), and the Building Code Requirements for 
Masonry Structures ACI 530-88/ASCE 5-88 (Ref. 10) are next presented. The Uniform 
Code for Building Conservation (UCBC, Ref. 65), specifies in Section 8.1.(iii) that 
unreinforced masonry piers need not to be analyzed for tensile stresses, thus, gives no 
recommendations to check for combined stress states. The ABK Methodology (Ref. 5) has 
a capacity criterion that does not consider explicitly combined stress states in the evaluation 
of unreinforced masonry elements. 
4.2.3.1 1988 VBC Code 
The allowable combined stress cri~eria (working stresses) for unreinforced masonry of the 
1988 UBC code is contained in Section 2408.(b)3. For compressive stresses due to bending 
and axial load (Section 2408.(b)3A), the 1988 UBC code gives Equation (6-21) of Chapter 
24, the unity equation, as its criterion : 
where: 
. .!i:':~~ ..¢..}..~j 
t. :}~t.f::.~~,;,r\,.::r 
... 4.10) 
fa = acting compressive axial stress, psi. 
fb = acting compressive stress due to bending, psi. 
Fa = allowable compressive axial stress in unreinforced masonry, psi, 
according to Equation 6-1 and provisions of section 2406.(c)2 : 
F~' = 0.20 f 'm ( 1- ( h'/42J 't ) ... 4.11) 
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In Equation 4.11, a safety factor of 5 is included in the specified masonry strength, f'm, 
as well as an additional reduction factor for slenderness effects, where h' is the effective 
unbraced length and t is the effective thickness as defined in Section 2407.(b)3 of the code. 
Fb = allowable compressive flexural stress in unreinforced masonry, psi, 
according to Equation 6-6 and provisions of Section 2406.(c)3 : 
Fb = 0.33 f'm s 2000 psi ... 4.12) 
For net flexural tensile stresses due to bending and axial load (Section 2408.{b)3B), the 
UBC code establishes the following criterion : 
where: 
-fa + h S F, 
fa = acting compressive axial stress due to dead load only, psi. 
fb = acting compressive stress due to bending, psi. 
... 4.13) 
Ft = allowable flexural tensile stress, psi, according to the provisions given 
i 
in Section 2406.(c)4. 
For clay solid units with tension normal to the bed joint, and type N mortar (which could 
be the closest description of the mortar of the firehouse), the allowable flexural tensile 
stress should be 27 psi. For tension normal to the head joints, Ft should be 54 psi. 
An increment of 1. 33 in the allowable stresses is permitted in both Equations 4.10 and 
4.13 when lateral loading is considered in the analysis. 
4.2.3.2 ACI 530-88 I ASCE 5-88 Code 
The ACI 530-88 provisions regarding combined stresses are outlined in Section 6.3, and 
they are very similar to those of the 1988 UBC code. For compressive stresses due to 
i 
bending and axial load, the ACI 530-88 code also addresses the unity equation outlined 
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in Equation 4.10 above, as its criterion (Equation 6-1 of the ACI 530-88 code). The 
allowable compressive flexural stress, Fb , given in Equation 4.12, is also adopted by the 
ACI 530-88 code without limiting the maximum value it can reach (Equation 6-5 of the 
code). However, the allowable compressive axial stress, Fa, is determined differently, 
depending on the slenderness ratio of the masonry member, and according to Equations 
6-3 and 6-4 of the code written below : 
For hiT S 99 : 
F" = if'". [ 1 - ( 1~ Y ] ... 4.14) 
For hiT> 99 : 
F =.!. f' (7Ur-)2 
" 4 ". h ... 4.15) 
where h is the effective unbraced length of the member, and r is the radius of gyration 
of the cross section. 
For net flexural tensile stresses due to bending and axial load, the ACI 530-88 code 
establishes the "same criterion that the 1988 UBC code (Equation 4.13). The allowable 
flexural tensile stresses presented in Table 6.3.1.1 of the ACI 530-88 code are equivalent 
to those proposed by the 1988 UBC code for clay masonry units. Therefore, for clay solid 
units, the allowable flexural tensile stress (Ft) outlined by the ACI 530-88 code is exactly 
the same given by the 1988 UBC code. The increment of 1.33 in th~ allowable stresses 
of Equations 4.10 and 4.13 due to lateral loading is also considered. 
4.2.4 Estimated ys Allowable Combined Stresses 
Estimated net flexural tensile and compressive stresses for each wall are summarized and 
compared with the criteria of the 1988 UBC and ACI 530-88 c~des in Tables 4.4 and 4.5 
respectively. In both tables, the allowable flexural tension stress, Ft , has been increased 
by 33 percent. The computed values from the left hand side terms of Equations 4.10 (unity 
equation, identified as Eq 4.10) and ;Equation 4.13 (net flexural tension equation, identified 
i 
as Eq 4.13), are presented in the tables to facilitate the comparison with the code's criteria. 
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In Tables 4.4 and 4.5, the axial compressive stress due to dead load only is defined by 
fad while the axial compressive stress due to dead and live load is defined by f adl • 
The central wall could have experienced net flexural tensile stresses higher than those 
allowed by the 1988 UBC code (see Eq 4.13 and Ft columns in Table 4.4). The east wall 
could also have experienced a considerable amount of net flexural tensile stresses, close 
to the allowable limits. All walls are predicted to experience flexural tension under the 
extreme condition. However, no flexural tensile cracks were observed in any of the walls 
at their base. The only cracking caused by tensile stresses in the building was the horizontal 
bending cracks at the bottom and the top of the slender piers among windows at the second 
level of the south wall. 
Table 4.4 Evaluation of estimated combined stress states ",ith respect to 
the 1988 UBC code 
Wall Estimated stresses (psi) Code allowable stresses Combined 
(psi) stresses criteria 
J 
fb fad fadl Fb Fa F t Eq 4.10 Eq 4.13 
South 62. 44. 55. 437. 265. 36. 0.35 18. 
, 
Central 103. 40. 53. 437. 265. 36. 0.44 63. 
North 39. 25. 30. 437. 265. 36. 0.20 14. 
East 79. 41. 50. 437. 265. 36. 0.37 38. 
West 45. 29. 35. 437. 265. 36. 0.24 16. 
On the other hand, the levels of net compressive stresses at the base of the walls were 
low, as identified by the left han~; side member of the unity equation (Equation 4.10) 
presented in Table 4.4 (Eq 4.10). The walls are very stocky (hit = 12.3), then, the 
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slenderness effects considered in Equation 4.11 could be practically neglected. Therefore, 
Fa = 0.20 f'm for the walls. 
As a consequence of the agreement between the ACI 530-88 and the 1988 UBC code 
criteria regarding combined stress states, the information provided in Table 4.5 is almost 
identical to the one given in Table 4.4. The only differences are: 1) the ACI 530-88 code 
allows no flexural tensile stresses for in-plane bending action; and, 2) the allowable 
compressive stress, Fa, prescribed by the ACI 530-88 code. It is evident from Equation 
4.14 that for short walls, Fa = 0.25 f'm. 
Table 4.5 Evaluation of estimated combined stress states with respect to 
the ACI 530-88 code 
WaIl Estimated stresses (psi) Code allowable stresses Combined 
(psi) stresses criteria 
fb fad fadl Fb Fa Ft Eq 4.10 Eq 4.13 
South 62. 44. 55. 437. 331. O. 0.31 18. 
Central 103. 40. 53. 437. 331. O. 0.40 63. 
North 39. 25. 30. 437. 331. O. 0.18 14. 
East 79. 41. 50. 437. 331. O. 0.33 38. 
West 45. 29. 35. 437. 331. O. . 0.21 16. 
4.3 Summary 
Despite the crude nature of the procedures used to estimate the seismic response of the 
structure, important issues have come up. Maximum shear stresses were less than 67% 
of the determined in-plane shear strength of 85 psi. On the basis of the approximate 
stresses computed this way, it is credible that the masonry should not have cracked. In 
contrast, according to the allowable shear stress criteria of the UCBC code, which is the 
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one applicable for the evaluation of existing unreinforced masonry buildings, the firehouse 
should have been presented shear cracking and suffered damage, which did not happen. 
Under the provisions· of the 1988 UBC code, which are intended for the design of new 
construction, the firehouse should have been damaged as well. Since the firehouse should 
have cracked according to the UCBC and UBC code provisions, and this certainly did not 
happen, then, the preliminary studies of the firehouse have raised the issue of whether 
or not these provisions are too conservative for allowable shear stress in unreinforced 
masonry walls. The preliminary studies of the firehouse also suggest that the ACI 530-88 
code has more reasonable limits regarding shear stress for unreinforced masonry shear 
walls. In addition, the ABK Methodology shear capacity approach correlated well with the 
observed response at the firehouse. 
Regarding combined bending and axial stress states, the issues are whether or not high 
net flexural tensile stresses were present in the central wall under the extreme loading 
condition, and if so, why this wall did not show any evidence of cracking for this condition. 
More refined methods of analysis (two-dimensional and three-dimensional finite element 
analyses) are employed in Chapter 7 to try to answer this question . 
.' 
The preliminary studies suggest that the firehouse should have survived the Lorna Prieta 
Earthquake with certain degree of shear cracking at the south wall and with considerable 
flexural tension cracking at the central wall. However, the extent of damage experienced 
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Figure 4.1 Preliminary lateral :acceleration distribution assumed at all walls of 
the firehouse of Gilroy based upon the peak E-W accelerations 






b) Cross section a-a 
c) Stress distribution for section a-a 




Some attempts have been made to study the applicability of conventional analytical 
methods to predict the behavior of unreinforced masonry (URM) structures during 
earthquakes. The use of conventional special-purpose structural analysis programs such 
as ETABS and TABS (Refs. 35, 79) has been found adequate to model buildings with 
essentially solid structural walls and rigid floor systems. More specialized structural 
analysis programs (COMBAT, Ref. 20) have been recently used to study masonry 
struc~res. These programs are attractive because they permit one to model panels with 
openings, different foundation support conditions, as well as in-plane floor flexibility (Ref. 
76). However, this type of approach is restricted to static or response spectra elastic seismic 
analyses since both ETABS and COlv1BAT neither perform time-step integration, nor 
consider geometric and material nonlinearities. In addition, both ETABS and CO:MBAT 
are unable to model orthotropic materials. 
Little attention has been paid to reproduce the dynamic response of unreinforced masonry 
structures with flexible diaphragms. Surprisingly as it may seem, the state-of-the-art in 
analysis of unreinforced masonry buildings does not go beyond single story buildings. 
LPMII program (Ref. 30), as developed in recent years, is perhaps one of the most 
advanced programs since it models diaphragm flexibility. However, because wall rotations 
are not included since walls are modeled as shear springs, deflected shapes of multi-story 
walls cannot be represented. Excessive constraints at each floor level will result in 
overestimates of natural frequency. 
This chapter discusses a different approach to predict and study the seismic dynamic 
behavior of unreinforced masonry buildings with flexible diaphragms. A discrete 
linear-elastic multi-degree-of-fre~dom (MDOF) dynamic model is proposed to study 
response of low-rise URM buildings where elastic response may be expected during an 
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earthquake. Two-dimensional linear finite element models are also proposed to identify 
in-plane and out-of-plane stress states in the walls at the time of peak dynamic response, 
and as a utility method to estimate lateral stiffness of unreinforced masonry walls 
subassemblies. Finally; three-dimensional linear finite element models are suggested to 
determine the dominant frequencies and visualize dominant mode shapes, to perform 
response spectra analysis and to define peak dynamic stresses at the walls taking into 
account the three-dimensional effects. 
5.1 Discrete Linear-Elastic, Multi-Degree-of-Freedom (MDOF) 
Dynamic Model 
The ability to study dynamic response of complicated structures with simplified methods 
is desirable. The method proposed herein fits into this category. The key assumption is 
to assume that the URM structures remain elastic during an earthquake. This hypothesis 
seems reasonable for low-rise URM structures but may not necessarily apply for others. 
The method considers both the effects of flexibility of the diaphragms and the rotations 
of the. walls in the overall response of the system. 
i 
The discrete 1vIDOF dynamic model can be visualized as an equivalent system of condensed 
beams (representing the perforated cantilever URM walls) linked by elastic springs 
(representing the flexible floor systems). Response is measured by the translational degrees 
of freedom of these elements. Masses are lumped at the dynamic degrees of freedom, 
as illustrated in Figs. 5.1 and 5.2. 
The case of a building with two (multiple) single-spanning diaphragms in the direction 
of loading is shown in Fig 5.1 a. The equivalent system is presented in Fig. 5.1b. The 
in-plarie action of the walls (idealized as condensed beam elements) is represented by 
the translational degrees of freedom 1, 2, 5, 6, 9, and 10. The in-plane action of each 
single-spanning diaphragms (ideal~zed as elastic shear springs) is represented by the 
! 
translational degrees of freedom 3, 4, 7, and 8. 
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The case of a building with a single double-spanning diaphragms in the direction of loading 
is presented in Fig 5.2 a. The equivalent system is presented in Fig. 5.2 b. The in-plane 
action of the walls (idealized as condensed beam elements) is represented by the 
translational degrees of freedom 1, 2, 7,. and 8. The in-plane action of the diaphragms 
is represented by the translational degrees of freedom 3, 4, 5, and 6. The in-plane action 
of the double-spanning diaphragms at each story level is idealized by a series of elastic 
shear springs connected in double-parallel with the condensed beams. The degrees of 
freedom of the diaphragms are connected by elastic axial springs (Le., degrees of freedom 
5 and 6, Figs. 5.2 a and b, representing the centers of the diaphragms at the roof level) 
to account for differential deformations betv{een degrees of freedom of adjacent spans 
(Fig. 5.4). 
Therefore, for building systems with single mUltiple-spanning diaphragms in the direction 
of loading, the in-plane action of the N-spanning diaphragms at each story level can be 
idealized by a series of shear springs connected in N-parallel with the condensed beams, 
and the N degrees of freedom of the diaphragms at that level must be connected by N-l 
i 
elastic axial springs, where N is' the number of spans in the direction of loading. The 
idealization for building systems with multiple multiple-spanning diaphragms can be easily 
deducted from the observation of Figs. 5.1 and 5.2. 
5.1.1 Mass Discretization 
Masses are lumped at the intersection of the ceritroidal axes of walls and diaphragms, 
and at the center of each diaphragm. If required, the diaphragm's response can be 
represented by more than one intermediate mass. However, the use of only one 
intermediate mass to model the diaphragm's response is appropriate for practical purposes. 
The lumped masses considered in the direction of interest are obtained by distributing 
the total mass of the structure among them according to a tributary strip areas criterion. 
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5.1.2 Flexible Diaphragm Modeling 
Flexible diaphragms in the direction of interest are represented by elastic shear springs 
for single-spanning diaphragm systems in the direction of loading as shown in Fig. 5.1, 
and by elastic shear springs and axial springs for mUltiple-spanning diaphragm systems 
in the direction of loading as shown in Fig. 5.2. 
The stiffness of the elastic shear springs that represent the diaphragm action can be roughly 
estimated as the in-plane shear and bending stiffness of the floor system as shown in Fig. 




Kn = elastic spring stiffness of the diaphragm. 
V = acting shear foice in the diaphragm. 
... 5.1) 
... 5.2) 
~lastic = elasti~ deflection of the diaphragm due to shear and bending. 
The in-plane bending deformation of a diaphragm could be neglected because it is 
considerably smaller than its in-plane shear deformation. The estimated stiffness value 
of the elastic springs obtained by this procedure should constitute a lower bound of the 
real stiffness of the diaphragm, since the contributions of the supporting beams and joists 
are neglected, particularly in wood sheathing floor systems. 
The discrete :MDOF dynamic model has the capability to represent the stiffness of each 
diaphragm independently. The model can also represent local variations in the stiffness 




The elastic axial springs in mUltiple-spanning diaphragm systerris in the direction of 
loading are needed to account for differential deformations between degrees of freedom 
of adjacent spans (Figs. 5.2 and 5.4). The stiffness of such springs can be estimated as 
the axial stiffness of the diaphragm between the considered degrees of freedom (Fig. 5.4). 
If the estimated axial stiffness of the diaphragms is too high (Le., in the same order of 
magnitude that the diagonal terms of the condensed stiffness matrix of the perforated 
walls), then, the response of single mUltiple-spanning diaphragms systems in the direction 
of loading at each floor level can be represented by only one degree of freedom. For 
example, if the axial stiffness of the diaphragms of the system presented in Fig. 5.2 is 
similar to the one of the stiffer wall, then, the equivalent system can be reduced to only 
6 degrees of freedom. Masses 3 and 4 will be lumped together into one, as well as masses 
5 and 6. Shear springs in-parallel will be lumped also. The reduced equivalent system 
will be similar to the one for the single-spanning diaphragms systems in the direction of 
loading presented in Fig. 5.2 b. 
5.1.3 Wall Modeling 
WaIls resisting lateral forces in the direction under study are represented by equivalent 
condensed beams with translational degrees of freedom in that direction, as shown in Figs. 
5.1 and 5.2. The equivalent condensed beam elements for solid walls can be easily obtained 
by direct static condensation of the stiffness matrix of the walls idealized as equivalent 
wide columns. 
A more sophisticated approach is needed to express the stiffness matrix of a perforated 
wall as a function of its translational degrees of freedom. The best procedure to obtain 
the condensed lateral stiffness of perforated cantilever shear walls in this case is to use 
a flexibility approach. Two-dimensional finite eiement models of each perforated wall are 
used to determine lateral flexibility. This approach has been chosen in this work and is 
presented below . 
. - .... i-;:'~ 
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5.1.3.1 Finite Element Flexibility Method 
Consider a cantilever perforated wall that has been discretized with a mesh of plane stress 
finite elements. It is desired to reduce and obtain the stiffness matrix of the wall as a 
function of the average translational degrees of freedom at the diaphragms' level. This 
is shown in Fig. 5.5, where Ui, Uj ' and Uk are average displacements from all nodes at 
the floor levels due to a given applied force distribution. 
Apply a uniformly distributed unit lateral load at each floor level, P, where : 
Define: 
... 5.3) 
u = { U i i , U/' Uki } the displacement field associated with a load P applied 
at level i, pi = { P, 0, ° }. 
uj = { U~, UJJ, ukj} the displacement field associated with a load P applied 
at level j, pj = { 0, P, ° }. 
Uk = {Uik, Ul, Ukk l the displacement field associated with a load P applied 
at level k, pk = { 0, 0, p }. 
The average lateral stiffness matrix can be written as : 
Kii Kij Kik r {Kl} 
[K] Kji Kij Kjk l {Ki} 
Kki Kkj Kkk {J(k} 
Then, for each load case, the Navier equations can be written as : 
[lK] { U i } = { pi} 
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... 5.4) 
Katz Reference ~m 
U-'~YQ.iiy of JIDnolS IlA~CELab 
Bl06 ~s Avenue 2~~~ 11.""",,911 A1801 
[K]{Uj}={pj} ... 5.5) 
[ K ] { Uk } = { pk } ... 5.6) 
By using the finite element method, we can obtain the displacement fields U, Uj and lJk, 
by applying their associated unit load fields pi, pJ and pk. To obtain the average lateral 
stiffness matrix [ K ], we can rewrite the system of Equations 5.4 to 5.6 as : 
[ U ] { Ki } T = { pi } ... 5.7) 
[ U ] { Kj } T = { pj } .... 5.8) 
... 5.9) 
Where [ U ] is the displacement field matrix given by : 
U.i U.i -1 { lY } ;1 J Uk 
[U] U~ uj UkJ {Uj } J .... 
-k Ui -k Uj -k Uk {lJk } 
which is already known. The average lateral stiffness matrix is then obtained by solving 
the system of Equations 5.7 to 5.9 for Ki , KJ and l(k. 
5.1.3.2 Eauivalent Wide Member Analogy 
Another method which could be used to obtain the condensed lateral stiffness matrix of 
a perforated cantilever wall is the so called equivalent wide member analogy (Ref. 15). 
The method consists of representing a perforated cantilever shear waH with an equivalent 
frame structure composed of equiyalent wide columns and beams with rigid end zones, 
as illustrated in Fig. 5.6. 
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The condensed lateral stiffness of the perforated wall can be computed either by direct 
static condensation of the stiffness matrix of the equivalent frame structure, or by using 
the wide member analogy method combined with the flexibility method, in like manner 
as the one outlined for the finite element solution in Section 5.1.3.1. This method has been 
found accurate in the prediction of lateral displacements of perforated walls when 
compared to finite element solutions (Ref. 15). However, the method may not be accurate 
for rather complex geometry of openings within a wall, where the finite element approach 
outlined in Section 5.1.3.1 is indeed more adequate. The assumption of rigid joints is 
inappropriate because these zones often deform and crack. 
5.1.3.3 Simplified Methods 
Simplified methods for reliable estimates of lateral stiffness and the top lateral deflection 
of perforated cantilever shear walls are not available yet. Some methods suggested in the 
literature (Ref. 64) give considerably stiffer results than finite element solutions, as it is 
shown in Table 5.1 for the sample walls of Ref. 64 presented in Fig. 5.7. The results of 
Table 5.1 are based upon the data presented in Example 10-2 of Ref. 64 and the finite 
i 
element analysis of the walls 'Of Fig. 5.7 meshed with 220 to 400 four-noded, 
two-dof-per-node isoparametric finite elements by using the program POLO-FINITE 
(Ref. 44). 
In Method II of Ref. 64, the lateral stiffness of a perforated wall is computed as the sum 
of the rigidities of the individual piers between openings within the wall, which happens 
to be a very crude assumption. This method considerably overestimates the lateral stiffness 
of the perforated walls. Method II underestimates the top average deflection of the 
perforated walls under study by a factor of 3.7 on average. 
Method I of Ref. 64 is more elaborated and requires five steps : 
1.- Obtain the deflection of the cantilever wall as if it was solid. 
2.- Subtract the defle~tion of a cantilever strip having a height equal of the 
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highest opening in the wall. 
3.- Compute the deflection of all composite piers with openings lying within 
the strip. 
4.- Add these deflections of the individual piers to the modified wall 
deflection computed in step 2 to obtain the final wall deflection. 
5.- Take the reciprocal of this compound deflection to obtain the lateral wall 
stiffness. 
However, the lateral stiffness of the walls presented in Fig. 5.7 is overestimated by almost 
a factor of 1.8 on average by Method 1.. Therefore, none of these methods can be considered 
reliable to determine the lateral stiffness of a perforated wall, or to predict its top level 
deflection under static loading. 
Table 5.1.- Comparison of the top average deflections (inches) of the perforated 
cantilever walls of Fig. 5.4 predicted by FEM vs Methods I and II of Ref. 64 
Wall ~top FEM ~top Method I ~top Method II 
A 0.'289 0.187 0.090 
B 0.310 0.152 0.071 
C 0.344 0.201 0.091 
D 0.221 0.131 0.063 
5.1.4 Computation of Dynamic Response 
Once the equivalent discrete :MDOF system is defined, dynamic response can be easily 
computed by employing standard solution techniques to integrate the equation of motion: 
Mi(t) + CXCt) + KxCt) - pet) ... 5.10) 
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where: 
M = mass matrix 
C = damping matrix 
K = stiffness matrix 
X(t) = acceleration vector at time t. 
i(t) = velocity vector at time t., 
xf..t) = displacement vector at time t. 
p(t) = load vector at time t. 
The Newmark-~ method with parameters 'Y=1/2 and ~=1/4, corresponding to the constant 
average acceleration method was chosen because it is unconditionally stable numerically. 
The solution of Newmark-f3 method (Refs. 19, 33, 55) is weIr known and is given by : 
where: 
... 5.11) 
Xk+ 1 = Xk + !:J [(1- r)Xk + r-tk+ 1] ... 5.12) 
Xk+l = xk + XkM + (&)2 [( ~ - {J )Xk + flik+l] ... 5.13) 
!:l t = time-step increment. 
'Y = Newmark's integration parameter. 
f3 = Newmark's integration parameter. 
As a rule of thumb, the time-step increment should be less or equal to one-tenth of the 
natural period of the structure under study. It can be proved from Equations 5.12 and 
5.13 and by solving the resulting system of differential equations as a standard eigenvalue 
problem that 'Y must be equal to 1/2 to have stability in Newmark-~ method, and that 
1/8:S ~ :S 1/4 for convergence. 
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The implementation of.Newmark-~ method is straight forward. A special purpose program 
is used to solve reduced 11DOF dynamic problems, as it is the case of the discrete 11DOF 
dynamic model proposed herein. A simple iterating algorithm could be used for this 
purpose. For each time step : 
1.- Assume a trial value of Xk+ 1 . 
2.- Compute Xk+l from Equation 5.13. 
3.- Compute ik+lfrom Equation 5.12. 
4.- Compute Xk+ 1 from Equation 5.11. 
If this Xk+ 1 value is the same as the one assumed at step 1 for a given tolerance criterion, 
then go to the next time step. Otherwise, go back to step 1 and use this estimation of Xk+ 1 
as the next trial value of step 1 until tolerance criterion is met. 
The Newmark-~ method can be more efficiently implemented by using the implicit direct 
integration methods algorithm (Refs. 32, 33). With this approach, accelerations, velocities 
and displacements values are determined within a time step directly. The implicit direct 
integration method is a general at'gorithm to which several different methods are included 
in addition to the Newmark-~ method (Wilson-8, second central difference, Huboldt, etc). 
The algorithm is outlined below : 
Before starting to compute the responses at each time step : 
1.- Form stiffness matrix K, mass matrix M, and damping matrix C. 
2.- Specify the initial conditions Xo , .to, and Xo 
3.- Select time step ~t, as well as the parameters "i, ~, and 8 (8=1 and 'Y=1/2 
for Newmark-~, if f3 =114 results in the constant average acceleration 
method). 
4.- Compute the intrgrations constants of this method: ao, aI, a2; bo, bh 
b2; CI, C2, C3, C4, CS, C6, C7, Cs and C9 from the given parameters (Ref. 33): 
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1 
ao = f3{8Mf ... 5.14) 
al = eM ... 5.15) 
a2 = (~ - {J ) (OAt)2 ... 5.16) 
b - r 0--
138M 
... 5.17) 
bl = (1 -~ ) OAt ... 5.18) 




Cl = (j3 ... 5.20) 
C2 = (1- ~)M 5 ..,1\ ... .&ii} 
C3 = ( 1-! ) (~)2 ... 5.22) 
! 
c - r ... 5.23) 
4 - I3(j3I:!J 
C5 = 1_L 
f3ff2 
... 5.24). 
C6 = (1 -2~0 ) At ... 5.25) 
1 
C7 = pe3(I:!J)2 ... 5.26) 
1 
CB =- ... 5.27) f3ff2I:!J 
1 
C9 = 1-- ... 5.28) 
2f38 
83 
5.- Form the effective stiffness matrix K : 
K = arM + boC + K ... 5.29) 
6.- Triangularize K. Gauss' elimination method is suggested to solve the 
system of equations presented in Equation 5.31 below. 
For each time step k + 1, Xk ,Xk and Xk are known. Find Xk+ 1, Xk+ 1 and Xk+ 1 as follows: 
1.- Compute the effective load Pk+ 1 : 
... 5.30) 
2.- Obtain 1::.. Uk+1 by solving the system of equations : 
... 5.31) 
by performing vector reduction and back substitution of the already 
pre-triangularized effective stiffness matrix K. 




The use of the implicit direct iteration methods algorithm to implement the Newmark-f3 
method has several computational advantages. The algorithm is computationally efficient 
because it does not require iterations within a time step, and the triangularization of the 
; 
effective stiffness matrix K is done' before computing the dynamic response at each time 
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step. This algorithm is faster than the traditional iterating procedure of the Newmark-~ 
method outlined before. 
The equation of motion can also be solved using modal coordinates as outlined elsewhere 
(Ref. 19), if the frequencies and mode shapes are determined. Response of the system 
can be expressed as a function of representative modes shapes and the amount of 
proportional viscous damping for each representative mode. 
5.1.5 Frequency Estimates 
Estimates of natural frequencies and mode shapes for the discrete MDOF dynamic model 
are helpful to identify dominant modes of response. The computation of frequencies and 
modes shapes for a reduced size system. is simpler and more economical than the full 
system by any generalized eigenvalue solver. The Lanczos method (Refs. 33, 60) was 
chosen in this work due to the availability of a special purpose program to obtain a reduced 
number of eigenvalues for large size systems. For a reduced size problem like this one, 
the Generalized Jacobi Method (Refs. 13, 33) is also advantageous. 
5.1.6 Damping Assumptions 
One of the challenges in modeling is how to incorporate damping into an analytical dynamic 
model of a real structure in a "realistic" way. Different dampit:lg assumptions have been 
proposed in the literature (Ref. 9). Rayleigh damping seems to be the most popular 
procedure because of its simplicity and the computational advantages that it offers. 
Rayleigh demonstrated that a damping matrix proportional to the stiffness and to the mass 
matrices will uncouple the equation of motion by satisfying the orthogonality condition 
of the modes shapes. Rayleigh damping matrix is defined as : 
where: 
C = Rayleigh damping matrix. 
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... 5.35) 
M = mass matrix. 
K = stiffness matrix. 
ao = mass proportional damping influence coefficient. 
al = stiffness proportional damping influence coefficient. 
The damping influence coefficients ao and al for a stiffness and mass proportional Rayleigh 
damping are determined by the orthogonality relationships of the modes and can be 
computed based upon two given modes i and j as : 
where: 
ao 
2 (~f1Ji - ~iWj ) WiWj 
- w~ - w?-
I J 
al 




Wi = angular frequency for mode i 
Wj = angular frequency for mode j 
Si = viscous damping coefficient for mode i 
Sj = viscous damping coefficient for mode j 
... 5.36) 
'0. 5.37) 
The viscous damping coefficients for any given mode on, Sn, are given by : 
~n = ~iWi (w~ - w}) + ~fUj (wt - w~) 
Wn (wt - w]) ... 5.38) 
Therefore, to obtain the stiffness and mass proportional Rayleigh damping matrix, it is 
just necessary to define the frequency and viscous damping ratio of only two modes. The 
first two modes are usually chosen, although any other combination can be used. There 
are still more simplified versions of Rayleigh damping, when Rayleigh damping is assumed 
to be either mass proportional only (if al = 0 in Equation 5.35) or stiffness proportional 
only (if ao = 0 in Equation 5.35).11 these cases, only one frequency and viscous damping 
ratio are needed to define the damping matrix. It should be clear from Equation 5.38 that 
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for these cases, the damping influence coefficients are : 
For mass proportional damping : 
al = 0 ao - 2;iQ)i ... 5.39) 
For stiffness proportional damping : 
ao = 0 ... 5.40) 
To understand the influence of these different Rayleigh damping assumptions in the 
computed response, the relationships between equivalent viscous damping ratios· and 
frequencies for these Rayleigh .damping assumptions are presented in Fig. 5.8 (Ref. 19). 
It can be observed from Fig. 5.8 that mass proportional Rayle~gh damping leads to very , 
low equivalent viscous damping ratios for the higher modes with respect to the lower 
modes, which is unrealistic in structural systems. Therefore, mass proportional Rayleigh 
damping should be avoided from practical applications despite its charming simplicity, 
since it could lead to considerable errors in the computed response, even leaving the higher 
modes to control the computed response' instead of the lower modes. 
On the other hand, the equival~nt viscous damping ratio increases linearly with the 
increment of angular frequency for a stiffness proportional Rayleigh damping assumption, 
as shown in Fig. 5.8. Stiffness proportional Rayleigh damping constitutes a more realistic 
assumption with respect to the observed behavior in real life structures, however, the 
equivalent viscous damping ratios for higher modes increase too fast. Therefore, the 
response is heavily overdamped for modes other than the first mode. Stiffness and mass 
proportional Rayleigh damping leads to a quadratic variation of the equivalent viscous 
damping ratio with respect to the angular frequency in function of the two angular 
frequencies selected to compute the response (Fig. 5.8). 
It is possible to obtain lower equivalent viscous damping ratios for intermediate angular 
frequencies between the two modes chosen to compute the influence coefficients ao and 
aI' This could introduce undesired dominant participations of these under damped modes 
in the response when the two selected modes are not the first two modes, that is, when 
two frequencies far apart are chosen to try to distribute evenly the equivalent viscous 
damping ratios. However, stiffness and mass proportional Rayleigh damping seems to be 
a reasonable assumption when the influence coefficients are computed based upon the 
first two modes, because the equivalent viscous damping ratios increase for the higher 
modes, as well as for frequencies lower to the natural frequency in which we are not 
interested, as can be concluded from the observation of Fig. 5.8. 
Modal damping is another reasonable alternative to account for damping in structures. 
The computation of the modal damping matrix involves more oper~tions than the ones 
for the simplified Rayleigh damping assumption, however, modal damping has the 
following advantages over Rayleigh damping : 
1.- The equivalent viscous damping ratio for any given mode can be specified 
explicitly using modal damping. 
2.- The contribution from each mode to the modal damping matrix is 
proportional to the modal damping ratio; thus, any undamped mode will 
contribute nothing to the damping matrix. 
3.- The equation of motion can be solved either by the modal superposition 
method, or by some other analysis, i.e., the Newmark-f3 method outlined 
in Section 5.1.4. 
The modal damping matrix is obtained operating with the modes in the damping matrix 
and by using the orthogonality relationships of the modes with respect to the mass matrix 




M =. mass matrix. 
Mn = generalized mass for mode n. 
<Pn = nth mode shape. 
s.z = equivalent viscous damping coefficient for mode n. 
<Un = angular frequency of mode n. 
The sensitivity of the computed response for the firehouse of Gilroy to the damping 
assumption (Rayleigh or modal damping) is presented in Sections 6.1.5 and 6.2.5. 
5.1.7 Soil-Structure Interaction Modelin2 
Soil-structure interaction effects can be easily incorporated in the analysis by computing 
the average lateral diminished stiffness matrix, k, from the average lateral stiffness 
matrix K, and the foundation flexibility represented by two generalized springs, as 
presented by Hjelmstad and Foutch (Ref. 38). A generalized spring with stiffness ke is 
introduced to represent the resistance of the soil-foundation system to rocking, while the 
other generalized spring with stiffness ks represents the resistance of the soil-foundation 
system to direct lateral displace~ent, as shown in Fig 5.9. 
The equation of motion for the system represented in Fig 5.9 is : 
MX +CX + kx = -Mil 
-g '0' 5.42) 
where the average lateral diminished stiffness matrix, k,· is given by (Ref. 38) : 
where: 
K = average lateral stiffness matrix of the fixed end structure. 
k = average lateral d~minished stiffness matrix of the soil-structure system. 
1 = {l,l, ... ,l} is a vector of ones. 
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H = {h1,· .. ,hn} is a vector containing the heights of the masses above the 
base. 
ke = generalized spring stiffness against rotation. 
ks = generalized spring stiffness against direct lateral displacement. 
~e and ~s and "yare non-dimensional parameters defined as : 
HTKH 
ko Po -




The values of the generalized spring constants ke and ks depend on the type of soil where 
the foundation is built on, as well as the type, depth and geometry of the foundation itself. 
The parameters needed to determine the generalized spring constants can be obtained from 
the data of in-situ soil tests or by using the recommendations· given by a code, such as 
the ATe 3-06 code (Ref. 11). 
It is clear from Equation 5.42 that once the average lateral diminished stiffness matrix 
K is defined, the system can also be studied as outlined in Sections 5.1.4 to 5.1.6. 
5.2 Finite Element Analyses 
Two-dimensional and three-dimensional finite element models of the building and/or 
building subassemblies are needed to study and identify critical stress distributions at the 
time of peak dynamic response of the structure during the earthquake, and to study 
dominant modes of response and :torsional effects. 
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5.2.1 Two-Dimensional (2-D) In-Plane Stress Analysis 
Two-dimensional isoparametric plane stress finite element meshes are used to identify 
shear and normal vertical stress contours within the walls at times of maximum dynamic 
responses. The selected element was the eight-noded, 2-dof-per-node quadratic 
serendipity plane stress element available on the finite element program POLO-FINITE 
(Ref. 44). The element was chosen because of its quadratic formulation which allowed 
to reduce mesh refinement. The element has the capability to model irregularities under 
reasonable margins (comer angles can be within the range of 9(f ± 5(f, and elements with 
aspects ratios of 5 to 8 can be used without noticeable loss of accuracy). A reduced 2x2 
Gauss numerical integration scheme was selected to improve the computed stresses in 
addition to the implicit 55% savings in the stiffness generation effort with respect to the 
exact 3x3 integration scheme. 
5.2.2 Out-or-Plane Stress Analysis 
Plate bending finite elements are usually selected to study out-of-plane stress distributions. 
; 
However, standard isoparametric quadratic shell elements were used so that in-plane 
response could be modeled as well. Irregularities in the geometry of walls and openings 
cannot be modeled with the linear rectangular plate bending element available in 
POLO-FINITE (Ref. 44), because this element has to be nearly rectangular in order to 
work properly. In favor of having a common element to analyze all walls, a quadratic 
eight-noded, 6-dof-per-node isoparametric shell element available in POLO-FINITE was 
used to study the out-of-plane shear stresses. 
5.2.3 Three-Dimensional (3-D) FreQuency and Stress Analysis 
Three-dimensional finite element models were used to obtain the frequency and modes 
shapes of the complete 3-D /structure. Quadratic eight-noded, 6-dof-per-node 
isoparametric shell elements were used for this purpose. It is necessary to use shell 
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elements capable of modeling orthotropic material behavior to represent properly plywood 
diaphragms in 3-D. Taking this into consideration, the finite element code ABAQUS (Ref. 
37) was selected for this type of analysis. In addition, the wavefront equation solver of 
ABAQUS is more efficient memory wise than the half-bandwidth criterion of 
POLO-FINITE. 
Three-dimensional response spectra and modal time-step integration analyses were 
performed to obtain the shear and vertical stress contours at times of peak responses, in 
order to compare them with the more simple 2-D static analyses. An equivalent 3-D 
seismic analysis based upon the predicted accelerations by the discrete 11DOF dynamic 
model at the time when peak accelerations were recorded (quasi-dynamic seismic analysis) 
was use to define the distribution of stresses in the subject structure taking into account 
the 3-D behavior. The quasi-dynamic seismic analysis was compared with the more formal 
modal time step integration analysis. This set of analyses are presented and discussed in 
Section 7.3. 
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a) Perforated wall building system 
with flexible diaphragms 
(single-spanning) 
10.. 
b) Equivalent system comprised of 
condensed beam elements and· 
elastic springs 
Figure 5.1 Discrete :MDOF dynamic model for perforated shear wall buildings 
systems with flexible diaphragms (single-spanning diaphragms in the 
loading direction). 
Loading Direction 
a) Perforated wall building system 
with flexible diaphragms 
(multiple-spanning) 
7,.. 
b) Equivalent system comprised of 
condensed beam elements and 
elastic springs 
Figure 5.2 Discrete :MDOF dynamic model for perforated shear wall buildings. 
systems with flexible diaphragms (multiple-spanning diaphragms in the 
loading direction). 
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Figure 5.3 Shear and bending resistance in flexible diaphragms. 
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Figure 5.4 Axial stiffness betweeh lumped masses 1 and 2 in a mUltiple-spanning 
flexible diaphragm system in the direction of loading. 
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a) Wall layout b) Finite element mesh 
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Figure 5.7 Perforated cantilever walls taken from Ref. 64 (dimensions in feet) . 
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Figure 5.8 Relationship between- damping ratio and frequency for Rayleigh damping. 
Figure 5.9 Discrete :MDOF dynamic model considering soil-structure interaction 
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CHAPTER 6 
COMPUTED RESPONSE WITH DISCRETE 
MDOF DYNAMIC MODELS 
Discrete linear-elastic, MDOF dynamic models for the firehouse were made to study the 
behavior of the structure in both the east-west and the north-south directions, according 
to the guidelines given in Section 5.1. Several analyses were performed to study the 
sensitivity of the proposed model to different sets of mechanical properties structure. Each 
set of values was the result of changes in the mechanical properties of the materials and 
components of the structure. The analyses allowed to identify the structure as well. 
6.1 East-West Direction Modeling 
A 10 nOF discrete, linear-elastic dynamic model considering soil-structure interaction 
effects was used to study the response of Gilroy Firehouse in the east-west direction, as 
shown in Fig. 6.1. The masses off the building were lumped and distributed according 
to the criteria given in Section 5.1.1, and their values are presented in Table 6.1. 
Table 6.1 Lumped masses for theE-W discrete 10 
DOF dynamic model (Fig. 6.1) 









9 i 208.21 
10 203.00 
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The average lateral stiffness of each wall was computed based 'upon the procedure given 
in Section 5.1.3.1. Towards this purpose, quadratic isoparametric plane stress finite 
elements (8 nodes, 2-dof-per-node) and an average Young's modulus of 515 ksi 
(according to the prism tests outlined in Section 2.3.3) were used. The stiffness constant 
of the springs representing the flexible diaphragms were estimated according to' Section 
5.1.2, assuming typical values for the shear modulus of plywood (90 ksi) and its Young's 
modulus (1,700 ksi). (Refs. 18, 34, 10, 75). The equivalent effective thicknesses for 
plywood diaphragms suggested by the American Plywood Association (APA, Refs. 34, 70) 
were also considered. The preliminary estimates of the stiffnesses of the springs which 
are identified in Fig 6.1 are presented in Table 6.2. 
Table 6.2 Preliminary spring constants for the 10 DOF dis.crete model of Fig. 6.1 
SPRING ID Diaphragm's Thickness (in) Stiffness (k/in) 
KDl 0.625 36.41 
KD2 0.500-0.625 31.83 
K D3 ! 0.500 58.64 
KD4 0.500 58.64 
Soil-structure interaction effects were incorporated according to Section 5.1.7. The values 
of the generalized spring constants ke and ks were calculated based upon the procedure 
outlined by the Applied Technical Council for fboting foundations (ATC 3-06, Ref. 11). 
According to the ATC procedure, ke and ks can be computed with its equations C6-18 
to C6-22 for footing foundations. These equations have been ~ewritten here in terms of 
our notation : 
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where: 
k - 8Gi T ai [1 2 di ] Oi--- +--
2-v 3Tai 
kzj = 4G/Tai [1 + 0.4 d i ] 
1-11 Tai 
ks = generaliied horizontal stiffness of the foundation. 
ke = generalized rocking stiffness of the foundation. 
kS i = horizontal stiffness of the ith footing. 
kei = rocking stiffness of the ith footing. 








Yi = normal distance from the centroid of the ith footing to the rocking axis 
of the foundation. 
Gi = shear modulus of the soil beneath the ith footing at large strain levels. 
di = depth of the effective embedment for the ith footing. 
rai = radius of a circular footing that has the area of the ith footing, Aoi' 
r mi = radius of a circular footing, the moment of inertia of which about a 
horizontal centroidal,p.xis is equal to that of the ith footing, !oi, in the direction 
.I 
in which the response is being evaluated. 
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In the computation of the generalized spring stiffnesses ks and ke, di was taken as zero 
because it was assumed that the side wall contact with the soil of embedded spread footings 
at the firehouse was not effective during the Lorna Prieta Earthquake. This assumption 
was taken in compliance with the ATC 3-06 recommendations (Ref. 11). Neglecting the 
depth of the effective embedment yields in a lower bound of the actual spring stiffnesses. 
The average shear modulus of the soil beneath the footings at large strain levels, Gj, was 
computed based upon the ATC 3-06 recommendations given by : 
where: 
Gi = kG - -"(V.r)2 
g k" 
... 6.8) 
Gi = the average shear modulus for the soils beneath the foundation at large 
strain levels. 
Vs = the average shear wave velocity for the soils beneath the foundation 
at large strain levels. 
leo = value of GIGo according to Table 6-A of the ATe 3-06 provisions. 
lev = value of vslvso according to Table 6-A of the ATe 3-06 provisions. 
Go = the average shear modulus for the soils beneath the foundation at small 
strain levels. 
vso = the average shear wave velocity for the soils beneath the foundation 
at small strain levels. 
'Y = the average unit weight of the soils. 
g = gravity constant 
There was no specific information available about the type of soil beneath the foundation. 
However, considering that the sp~ctral shapes are site dependent, the type of soil was 
./ 
identified from the direct comparison of the response spectra shapes for the ground 
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motions (Figs. 3.4 and 3.11) with the mean and 84 percentile response spectra shapes 
presented by Seed, Ugas and Lysrher (Ref. 67). 
Under this consideration, the soil was identified as a stiff natural soil. Therefore, the values 
of 'Y, v and Vs were obtained fr:om the information provided for natural superficial soils 
with 10-50% content of gravel by Lew and Campbell (Ref. 43) in their study to determine 
shear wave velocities in quartenary age soils in Southern California. The average unit 
weight for this type of soils is -y = 130 Ib/ft3, the average Poisson ratio is v = 0.34, and 
the values of Vs range from 1040 ftlsec to 1600 ft/sec. The values of lea and kv were 
determined from Table 6-A of ATe 3-06 code (Ref. 11), interpolating linearly for the 
peak ground acceleration of O.29g recorded in the east-west direction. The average shear 
modulus for the soil beneath the foundation at large strain levels (G;, computed from 
Equation 6.8) was determined as 9.45 ksi. Therefore, the initial estimation of the 
generalized spring constants ke and ks computed from Equations 6.1 to 6.7 based upon 
these assumptions are ks = 8282 klin, and ke = 1.412x109 k-inlrad. 
The amount of the effective damping factor for the structure-foundation system, ~ , was 
determined according to ATe 3-06 Equation C6-29, which in our notation is written as: 
where: 
- = + ~i ~ ~o (tiT) 
~ = effective damping factor for the structure-foundation system. 
9 = structural damping factor. 
... 6.9) 
~ = foundation damping factor as specified in Fig. 6-1 of ATC 3-06. 
t = effective periodi of the structure-foundation system. 
T = period of the structure fixed at the base. 
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The foundation damping factor 9?, incorporates the effects of energy dissipation in the 
soil due to the radiation of waves away from the foundation and the hysteretic or inelastic 
action in the soil. The structural damping factor 9 was assumed as 0.10, a typical value 
for unreinforced masonry structures subjected to moderate shaking. 
Time-step integration analyses of the 10 DOF discrete model were carried out by means 
of a special purpose program which integrates the equation of motion using the implicit 
direct methods algorithm. Newmark-f3 method with 'Y = 0.5, f3 = 0.25, and a time-step 
integration. of 0.001 seconds was used throughout the analyses .. Frequency analyses were 
simultaneously done by solving the eigenvalue problem with a special purpose program 
that uses Lanczos algorithm. 
6.1.1 Considerations for Sensitivity Analyses in the E-W Direction 
Several analyses were carried out to identify the response of the structure and to study 
the sensitivity of the modeling to variations in the stiffness of walls, diaphragms, and soil, 
as well as different damping assumptions. The stiffnesses of the diaphragms were varied 
up to a 30% increment (~, 1.15,~, 1.25~, and 1.30~) of the nominal values presented 
in Table 6.2. Young's modulus of the masonry walls was varied within a 50% (0.75E, E, 
and 1.25E) of the average value determined by the prism tests. 
The nominal stiffness of the generalized foundation springs Vias varied to identify the 
frequency ranges of responses of the firehouse. Thus, the average shear modulus for the 
soil beneath the foundation (Gj = 9.45 ksi) was varied within the range obtained from the 
the studies of Lew and Campbell (0.S5G; to 1.44Gi) , when the depth of the effective 
embedment of the footings was neglected. This is the case illustrated in Figs. 6.4 to 6.6. 
If a nominal depth of effective embedment of 3 ft for the spread footings is considered, 
then, the average shear modulus for the soil beneath the foundation would have roughly 
varied from O. 62Gi to 1.04Gi to obt?in the same values for the generalized spring constants 
i 
computed when the depth of embedment was neglected. 
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Damping ratios varied according to the amount of soil-structure interaction in each given 
analyses as deducted from Equation 6.9. Modal damping and Rayleigh damping are 
compared throughout the study, however, plots in Figs. 6.2 to 6.15, correspond to the modal 
damping assumption alone. 
The fixed-based condition was studied to assess the influence of the soil-structure 
interaction effects. The rigid diaphragm condition was also studied to compare it against 
the flexible diaphragm condition. The results of the sensitivity analyses in the E-W 
direction are presented and discussed in the following sections. 
6.1.2 Sensitivity with Respect to Soil-Structure Interaction Considerations 
Soil-structure interaction effects had a considerable impact in the response of the structure, 
especially in the amplitude of the response. This can be illustrated by comparing the 
response of the fixed-base system with respect to the response of systems where the 
flexibility of the soil-foundation system is considered. The mode shapes for the fixed-base 
consideration computed from the discrete model based upon the original data given in 
Section 6.1 are shown in Fig. 6.2. 
The mode shapes of Fig. 6.2 describe the in-plane motions and are presented schematically 
in the equivalent system composed by condensed beams and elastic springs (Fig. 5.1 b). 
The natural period of this model was 0.40 seconds, approximately 12% shorter than the 
identified natural period of the firehouse in the E-W direction of 0.45 'seconds. The first 
four mode shapes suggest that the diaphragm action controls the response of the structure. 
The amplitude of the movement of the walls under the lower modes for the fixed-base 
condition is very small compared to the amplitudes observed at the diaphragms (Fig. 6.2). 
The amplitude of the peak responses was determined by performing a time-step analysis 
of this fixed-base system considering 10% viscous damping for the first mode. The 
damping was increased for highe.r modes through a modal damping assumption. The 
computed peak accelerations were O.06g at the central wall at the roof level, and O.74g 
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at the center of the south diaphragm at the same level. The recorded peak accelerations 
,] 
were O.41g and 0.79g for the central wall and the south diaphragm at the roof level 
respectively (Fig. 3.2, Table 3.1). 
The maximum computed relative displacements between the ro<?f and the base were 0.08" 
for the central wall and 1.25" for the center of the south diaphragm. The maximum relative 
displacements computed from the recorded motions were 0.56" and 1.30" for the central 
wall and the center of the south diaphragm at the roof level with respect to the base 
respectively. The fixed-base model seems to represent the response of the south diaphragm 
well, however, the response of the central wall is considerably underestimated. 
Soil-structure interaction .effects were introduced to improve the model. The computed 
mode shapes for the model which includes soil-structure interaction are presented in Fig. 
6.3. Mode shapes of Fig. 6.3 describe the in-plane motions, and they are presented 
schematically in the equivalent system composed by condensed beams and elastic springs 
(Fig. 5.1 b). The average shear modulus for the soil beneath the foundation was 1.1 times 
higher than the average value given in Section 6.1. This increment was needed to match 
the computed natural frequency Iwith the identified natural frequency of 0.45 seconds for 
the firehouse in the east-west direction. 
The first four mode shapes of Fig. 6.3 are plenty of diaphragm action, however, it is clear 
from the first and the third modes that the flexible support: induces higher responses in 
the walls. This is corroborated with the time-step analysis, where an associated 15% 
effective viscous damping for the first mode of the soil-structure system was determined 
from "P.quation 6.9. The computed peak accelerations at the roof level for the central wall 
and the center of the south diaphragm were 0.27g and 0.84g respectively. The maximum 
computed relative displacements between the roof and the base were 0.51" for the central 
wall and 1.64" for the south diaphragm. 
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The computed response with the discrete model considering soil-structure interaction 
effects is, in general, much improved with respect to the computed response with the 
fixed-base discrete model. This is especially true for the response of the walls, as it can 
be deducted from the values of Table 6.3. These values show that peak responses of these 
two conditions are improved when compared to the peak recorded responses. Therefore, 
it is clear from Table 6.3 that the inclusion of soil-structure interaction becomes very 
important in the discrete modeling of the firehouse (identified as "Flexible Base Model"). 
Soil-structure interaction has been important to represent the overall amplitude of the 
recorded response, even though the structure is founded in stiff soil conditions. 
Table 6.3 Recorded vs computed peak responses at the roof level of the original 
discrete MDOF dynamic modeling of the rIrehouse of Gilroy (E-W). 
Central Wall Center of South Diaphragm 
Parameter Recorded Fixed-Base Flexible Recorded Fixed-Base Flexible 
Model Base Model Model Base Model 
Accel. 0.41g 0.06g 0.27g 0.79g 0.74g 0.84g 
! 
Drift 0.56" 0.08" 0.51 " 1.30" 1.25" 1.64" 
On the other hand, these original set of analyses suggest that the initial estimations of 
structural response were within the range of observed dynamic response in the firehouse. 
Several studies have been carried out to identify the recorded response of the structure 
and the sensitivity of this discrete modeling to variations of the parameters involved in 
the modeling (Section 6.1.1). These parameters interact among themselves, therefore, it 
is difficult to isolate the effect of a single parameter. 
The variation of the natural period of the model structure with respect to variations of 
the stiffness of the foundation is Pfesented in Figs. 6.4 and 6.5. ~ these figures, the period 
is expressed as a function of the assumed. average shear modulus of the soil beneath the 
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foundation (Gi ) when the depth of the effective embedment of the spread footings is 
neglected. 
In the curves shown in Fig. 6.4, Young's modulus of the masonry walls is kept constant 
and it is equal to the average value of the prism tests ("E", E = 515 ksi). ~ch curve shows 
the influence of the variations of the average shear modulus of the soil for a given assumed 
stiffness of the diaphragms. Each curve is identified with a label which is expressed as 
a function of the nominal stiffnesses presented in Table 6.2. For example, label "1.15~" 
marks the curve of a discrete model where the stiffnesses of the diaphragms were increased 
by 15%. The curve connecting full circles corresponds to the "original" discrete model 
which is defined by the initial considerations presented in Section 6.1. The vertical dashed 
line represents the natural period of 0.45 seconds of the firehouse in the east-west 
direction. The horizontal dashed lines define the range of variation of Gi for natural stiff 
soils with 10-50% content of gravel, according to the information provided by the studies 
of Lew and Campbell (Ref. 43). 
The computed natural period increases fast for each curve of Fig. 6.4 when more 
/ 
soil-structure interaction is present (Le., smaller assumed Gj ), that is what should have 
been expected. It can be observed from the curves that, in the vicinity of the natural period 
of the structure, variations within a 30% of the nominal diaphragm stiffnesses require about 
the same amount of soil-structure interaction compliance (1.10Gj to 1.14Gi ). The curves 
also show that, as the system approaches the fixed-base condition, variations within a 30% 
of the stiffness of the diaphragms are important in the. determination of the period of the 
model strLlcture. On the contrary, as the soil-structure interaction is more pronounced, 
the influence of the variation of the stiffness of the diaphragms in the computed natural 
period of the structure is considerably attenuated. 
Curves of Fig. 6.5 were similarly obtained by maintaining the nominal stiffness of the 
diaphragms constant ("~"), while varying Young's modulus of the walls within a 50% 
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of the average value estimated by the prism tests. The curve connecting full circles 
corresponds to the "original" discrete model as well. It can be observed from these curves 
that, in the vicinity of. the identified natural period of the firehouse, a small variation of 
the estimated stiffness of the walls requires of quite different levels of soil-structure 
interaction compliance. As the walls get more flexible, more soil-structure interaction is 
needed to match a given period. Therefore, soil-structure interaction affects more severely 
the natural period of stiffer structures than those of flexible structures. 
The patterns of the curves of Fig. 6.5 also suggest that as the model approaches to the 
fixed-base condition, variations within 50% of the nominal stiffness of the walls are not 
significant in the esthnation of tr;e period of u;e structure. On the other hand, when 
soil-structure interaction is more pronounced, these variatiC?ns are important in the 
determination of the natural period of the structure. Therefore, the observations made 
about Fig. 6.5 for variations in the stiffness of the walls contrast completely with what 
is observed in Fig. 6.4 for variations in the stiffness of the diaphragms. 
The variation of the non-dimensional parameters f3e and f3s (Section 5.1.7) with respect 
i 
to the variation of the average shear modulus of the soil is presented in Fig. 6.6 for all 
the sensitivity case studies in the E-W direction. Both parameters, f3e and 138, identify the 
proportion of soil-structure interaction due to rocking and lateral translation respectively. 
It is clear from Fig. 6.6 that these parameters are practically unaffected by changes in 
the stiffness of the diaphragms. However, variations in the stiffness of the walls do affect 
these parameters. Comparing the curves in Fig. 6.6 for f3e and f3s, it can be concluded 
that soil-structure interaction effects are more dependent on the translational action of 
the foundation rather than on rocking. This behavior is typical of short, squatty structures 




Up to this point, it can be concluded that soil-structure interaction effects are indeed 
important in the discrete modeling of the firehouse. Amplitudes of structural responses 
are best represented when soil-structure interaction effects are considered. Soil-structure 
interaction effects in the firehouse are governed by the translational action of the 
foundation because the building is rather stocky. Variations within a 50% of the nominal 
stiffness of the walls of the discrete model are much more sensitive to soil-structure 
/ 
interaction effects when computing the natural period of the model, than increments within 
30% of the nominal stiffness of the diaphragms. The computed natural periods with the 
discrete models were more sensitive to soil-structure interaction when the walls were 
stiffer. Values of average shear stiffness of the soil beneath the foundation required by 
the model to match the identified natural period of the firehouse in the east-west direction 
are within the identified range for the type of soil under study, even if the depth of the 
effective embedment of the spread footings is neglected. 
6.1.3 Sensitivity with Respect to Variations in the Stiffness of Diaphragms 
/ 
The flexibility of the diaphragms controls the dynamic response of the firehouse in the 
E-W direction. This is illustrated in Figs. 6.2 and 6.3, where the mode shapes for the 
fixed-based discrete modeling and the discrete modeling taking into account soil-structure 
interaction are presented. The first mode shape is characterized by the diaphragm action 
in both cases. 
Several analyses were carried out to study the sensitivity of the discrete modeling of the 
firehouse due to variations in the stiffness of the diaphragms. As shown earlier in Section 
6.1.2, increments up to 30% of the nominal stiffness of the diaphragms affect very 
significantly the natural period of the fixed-base structure. However, the range of variation 
of the stiffness of the diaphragms gecomes less important when soil-structure interaction 
starts to take place. 
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The sensitivity of peak structural responses with respect to variations within a 30% 
increment of the nominal stiffnesses of the diaphragms are presented in Figs. 6.7 to 6.11. 
For the curves of Figs. 6.7 to 6.11, Young's modulus of the masonry walls was kept constant 
and equal to the average value of the prism tests. Figure 6.7 presents the variation of the 
predicted peak accelerations for all the walls and center of both diaphragms at the roof 
level with respect to the computed natural period for increments up to 30% of . the nominal 
stiffness of the diaphragms. As stated in Section 6.1.2, the notation "1.xy~t' identifies 
the curve of a discrete model where the stiffness of the diaphragms presented in Table 
6.3 were increased by xy percent. The vertical dashed line represents the identified natural 
period of the firehouse in the E-W direction. The lower horizontal dashed line identifies 
the recorded peak acceleration at the central wall at the roof level (0.41g). The upper 
horizontal dashed line identifies the recorded peak acceleration at the center of the south 
diaphragm at the roof level (0.79g). The curves connecting full geometric sections (circles, 
squares, triangles and rhomboids) correspond to the "original" discrete model defined by 
the initial considerations presented in Section 6.1.1. 
It can be observed from the curves of Fig. 6.7 that the amplitude of the peak accelerations 
is sensitive to variations in the stiffness of the diaphragms: The amplitude of the 
accelerations is higher at the diaphragms than at the walls. Peak accelerations at the walls 
are unevenly distributed across the roof. The uneven distribution of accelerations at the 
walls has a negative impact in the structure, especially in this particular case where the 
more flexible and weaker wall (south wall), is subjected to higher accelerations than the 
stiffer and stronger wall (north wall). 
The predicted peak acceleration curves for the central wall and the center of the south 
diaphragm at the roof level are isolated in Fig. 6.8 to facilitat~ their comparison. It can 
. be observed that the dynamic amplification between the wall and the diaphragm response 
is well reproduced. In addition, ~e variation of the predicted peak accelerations for the 
central wall is less pronounced than for the center of the south diaphragm for values in 
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the vicinity of the identified natural period of the firepouse. The discrete model is, in 
general, overshooting the recorded peak acceleration at the south diaphragm while 
undershooting the recorded peak acceleration at the central wall. The curves computed 
for an increment of 30% of the nominal stiffnesses of the diaphragms (1.30 ~) seem to 
represent the recorded peak responses the best. 
The patterns of the sensitivity curves with respect to variations in the stiffness of the 
diaphragms are rather complex because of the interaction with another parameters of the 
discrete modeling. For example, the increment of the predicted peak acceleration for the 
central wall when the stiffnesses of the diaphragms increases is also associated to the fact 
that more soil-structure interaction is needed in these cases to have structures with similar 
period. This can be illustrated with the mode shapes presented in Figs. 6.2 and 6.3, where 
it is clear that soil-structure interaction significantly increases the amplitude of the dynamic 
response of the walls relative to that of the diaphragms. 
The decrement of the predicted peak acceleration for the center of the south diaphragm 
when the stiffnesses of the diaphragms increase could be partially attributed to the fact 
/ 
that higher effective damping ratios are used when soil-structure interaction is more 
pronounced. Higher damping ratios are used in these cases because the effective damping 
ratio is function of the period elongation between the flexible-supported and the 
fixed-base-structures (Equation 6.9). The period elongation for each case can be deducted 
from Figs. 6.7 to 6.11, since the leftmost points of each curve represent the peak responses 
for the fixed-base condition. 
The curves obtained for the predicted maximum relative displacements between the r"oof 
and the base for the central wall and the center of the south diaphragm are presented 
in Fig. 6.9. The horizontal dashed lines represent the computed maximum dynamic relative 
displacements between the roof a~d the base experienced by the structure at the central 
i 
wall (bottom dashed line, !:l = 0.56 in), and at the center of the south diaphragm (upper 
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dashed line, 11. = 1.30 in). The curves show a tendency to overshoot the identified maximum 
dynamic relative displacements of both the wall and the south diaphragm. This 
overprediction could be attributed to the inherent inability of the 2-D discrete model to 
account for the constrains imposed by the walls running in the perpendicular direction. 
The curves corresponding to an increment of 30% of the stiffnesses of the diaphragms 
improve the estimation of the dynamic relative displacement at the center of the south 
diaphragm only. In contrast, the "original" model predicts the dynamic drift at the central 
wall better. The patterns of these curves are very similar to the ones for the peak 
accelerations presented in Fig. 6.8". 
The influence of the flexibility of the diaphragms in the amplitude of peak structural 
responses for all structural elements at the roof level are presented in Figs. 6.10 and 6.11. 
The curves of Figs. 6.10 and 6.11 correspond to the case where the nominal stiffness of 
the diaphragms is increased by a 30%, which constitutes the best representation of the 
dynamic response of the firehouse. 
It can be observed from Figs. 6.1~ and 6.11 that the peak accelerations and dynamic drifts 
are higher for the diaphragms than for the walls, and that the accelerations at the walls 
are unevenly distributed across the roof. The south wall, which it is the most flexible and 
the weakest, is predicted to experience higher accelerations than the stiffer and stronger 
central and the north walls. This can also be attributed to the complex interaction between 
the south wall and the more flexible south diaphragms, because the motions of the south 
wall are partially driven and amplified by the motions of these diaphragms. On the other 
hand, the north wall is driven by the north diaphragms alone, which are stiffer than the 
south diaphragms. The central wall is driven by both diaphragms and its peak response 
values are in between the south and the north walls response values. 
The flexibility of the diaphragms sfems to have a negative impact in the behavior of the 
structure, by allowing uneven development in the distribution of accelerations upon the 
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resisting elements. Flexible diaphragms allow freer deformations of the more flexible 
in-plane resisting elements. In this way, these flexible elements experience higher 
accelerations and deformations than the stiffer elements. This is illustrated in Table 6.4, 
where the results of the study of a "sister" structure of the firehouse are shown. 
Table 6.4 Comparative study of the predicted peak responses at the roof level for 
the frrehouse and a "sister" structure assuming a fIxed-base condition 
Firehouse of Gilroy Sister Structure 
Natural Period (s·ec) 0.36 0.28 
Peak Accelerations (g) 
Element Firehouse of Gilroy Sister Structure 
South Wall 0.15 0.21 
Central Wall 0.06 0~08 
North Wall 0.04 0.04 
.' 
South Diaphragm 0.55 0.48 
North Diaphragm 0.17 0.24 
Maximum dynamic drifts (inches) 
Element Firehouse of Gilroy Sister Structure 
South Wall 0.20 0.20 
Central Wall 0.08 0.08 
North Wall 0.03 0.03 
South Diaphragm 0.87 0.53 
North Diaphragm / 0.17 0.30 
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The imaginary" sister" structure was assumed to have exactly the same geometry and mass 
distribution than the firehouse at Gilroy, however, the stiffne'sses of the diaphragms were 
switched. In the sister structure, the south diaphragms have the nominal stiffness of the 
north diaphragms of the firehouse, and the north diaphragms have the nominal stiffnesses 
of the south diaphragms of the firehouse. The "sister" structure was studied for a 
fixed-base condition. This condition allowed to compare directly the effect of swapping 
the stiffnesses of the diaphragms. The stiffnesses of walls and the diaphragms correspond 
to those considered for the analysis of the discrete model that obtained the best correlation 
with the recorded response (E = 515 ksi, 30% increment in the nominal stiffnesses of the 
diaphragms). 
It can be observed from Table 6.4 that the flexibility of the diaphragms allows the most 
flexible wall (south wall) deform more freely and experience higher accelerations than 
the stiffer wall (north wall), regardless oithe relative rigidity between the diaphragms which 
connect the walls to the rest of the structure. In the case of the discrete model of the 
firehouse, the north diaphragms are 61-84% stiffer than the south diaphragms. In the 
"sister" structure, the south diaphragms are 61-84% stiffer than the north diaphragms. 
The north wall is approximately 250% stiffer than the south wall in both cases. 
Thus, flexible diaphragms allow the more flexible in-plane resisting walls to deform more 
freely, therefore, these more flexible walls develop higher accelerations and deformations 
than the stiffer walls. According to the discrete modeling of the firehouse, the south wall 
was subjected to higher accelerations and deformations than the rest of the walls. These 
computed data explain why the south wall, which is the most flexible and weakest wall 
of the firehouse, was the only one damaged. 
As an attempt to assess the positive or negative impact of having flexible diaphragms 
instead of rigid diaphragms, a set of analyses were run considering that the firehouse would 
have had ~~¥id diaphragms instead. The stiffness of walls and soil correspond to those 
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used in the analysis of the best-correlation discrete model for the recorded response in 
the E-W direction (E = 515 ksi, G = 1.05 Gi , and 30% increment in the nominal stiffnesses 
of the diaphragms). Both the fixed-based structure and the flexible-supported structure 
model were studied for this rigid diaphragm condition. Results of the analyses are 
summarized in Table 6.5, where they are compared to the recorded responses and to the 
predicted response for the best-correlation discrete model. 
The natural period of the structure changes dramatically if the diaphragms are rigid. It 
is well known that rigid diaphragms lead to uniform distributions of accelerations and 
deformations in all connecting elements. In contrast, flexible diaphragms lead to uneven 
deformations of the connecting elements according to their relative stiffness. 
A comparative study of the results summarized in Table 6.5 suggest that for a fixed-based 
structure, flexible diaphragms could induce lower accelerations at the in-plane walls than 
the accelerations driven by rigid diaphragms. However, the induced dynamic drifts could 
be considerably higher to the more flexible in-plahe walls, as it is. the case of the south 
wall. When soil-structure interaction effects are considered ("flexible base" case), the 
results obtained herein suggests that a structure with rigid diaphragms shall experience 
lower deformations and accelerations at the walls. A concern with the flexible diaphragms 
is that regardless of the supporting conditions, the diaphragms induce themselves to higher 
accelerations and deformations which they should be able to withstand. Moreover, these 
uneven high deformations are imposed to the out-of-plane walls, which should be able 
to resist these deformations without splitting. 
In summary, the sensitivity studies regarding the flexibility of the diaphragms confirm the 
fact that the diaphragm action dictates the dynamic response of the structure. Increments 
in the nominal stiffnesses of flexible diaphragms affect the natural period of fixed-base 
discrete· models more severely than when soil-structure interaction is accounted in the 
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Table 6.5 Comparative study of the predicted peak responses at the roof level for 
the flrehouse, considering flexible or rigid diaphragms (E-W) 
Flexible Diaphragms Rigid Diaphragms 
Measured Fixed-Base Flexible Base Fixed-Base Flexible Base 
Natural Period 0.45 0.36 0.45 0.13 0.36 
Peak Accelerations (g) 
Element Flexible Diaphragms Rigid Diaphragms 
Measured Fixed-Base Flexible Base Fixed-Base Flexible Base 
South Wall - 0.15 0.40 0.22 0.31 
Central Wall 0.41 0.06 0.34 0.22 0.31 
North Wall - 0.04 0.31 0.22 0.31 
South Diaphragm 0.79 0.55 0.79 0.22 0.31 
North Diaphragm - 0.17 0.39 0.22 0.31 
Maximum dynamic drifts (inches) 
Element Flexible Diaphragms Rigid Diaphragms 
Measured Fixed-Base Flexible Base Fixed-Base Flexible Base 
South Wall - 0.20 0.86 0.08 0.57 
Central Wall 0.56 0.08 0.72 0.08 0.57 
North Wall - 0.03 0.67 0.08 0.57 
South Diaphragm 1.30 0.87 1.60 0.08 0.57 
North Diaphragm - 0.17 0.83 0.08 0.57 
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discrete modeling. Flexible diaphragms distribute the forces among the in-plane resisting 
elements unevenly, by allowing the more flexible in-plane elements to· experience higher 
accelerations and deformations. Flexible diaphragms induce amplified dynamic response 
themselves which they should be able to withstand. Besides, these amplified motions are 
imposed to resisting elements in the perpendicular direction. Thus, flexible diaphragms 
may have a negative impact in the dynamic behavior of a structure, especially if the 
diaphragrps remain elastic as it has been assumed throughout this study. 
6.1.4 Sensitivity with Respect to variations in the Stiffness of Masonry Walls 
The sensitivity of the discrete models with respect to variations in the stiffness of masonry 
wails was studied as welL Young's modulus was assumed to vary within 50% of the average 
value of 515 ksi obtained from the prism tests. For this set of analyses, the nominal stiffness 
of the diaphragms were kept constant. These stiffnesses are presented in Table 6.2. 
As illustrated earlier in Section 6.1.2, the curves of Fig. 6.5 suggest that variations within 
50%of the nominal stiffness of the walls do not have a considerable impact in the computed 
period of the structure as the discrete models approach a fixed-base condition, whereas 
i 
as the soil-structure interaction I effects are more pronounced, these variations become 
important in the determination of the natural period of the structure. 
The sensitivity of peak structural responses to variations within 50% of the nominal 
stiffness of the walls are presented in Figs. 6.12 to 6.15. The variation of predicted peak 
accelerations for all structural elements running in the E-W direction at the roof level in 
relation to the computed natural period for variations within 50% of the nominal stiffness 
of the walls is presented in Fig. 6.12. 
The variations of the predicted peak accelerations for the central wall and the center of 
the south diaphragm at the roof are shown in Fig. 6.13. The vertical dashed line represents 
the identified natural period of 0.45 seconds of the firehouse in the E-W direction. The 
lower horizontal dashed line identifies the recorded peak acceleration at the central wall 
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at the roof level. The upper horizontal dashed line identifies the recorded peak acceleration 
at the center of the south diaphragm at the roof level. The curves connecting full geometric 
sections (circles, squares, triangles and rhomboids), correspond to the "original" discrete 
model defined by the initial considerations presented in Section 6.1. 
It can be concluded from the observation of Figs. 6.12 and 6.13 that the predicted peak 
accelerations are insensitive to variations within 50% of the nominal stiffness of the walls 
for all period ranges. A similar conclusion can be drawn from the maximum d~namic drifts 
between the roof and the base. These maximum dynamic drifts are presented in Fig. 6.14 
for all walls and diaphragms resisting in-plane loading in the E-W direction. In Fig 6.15, 
the maximum dynamic drifts for the central wall and the center of the south diaphragm 
are isolated. Thus, both the peak accelerations and the maximum dynamic drifts predicted 
with the discrete modeling are rather insensitive to variations of upto ± 25% of the nominal 
stiffness of the walls for all period ranges. 
6.1.5 Sensitivity with Respect to Dampin~' Assumptions 
Although the results from the analyses presented so far have been obtained using modal 
; 
damping matrices, parallel analyses were performed using stiffness and mass proportional 
Rayleigh damping. For all sensitivity analyses, the effective damping ratio for the first 
mode was obtained according to the ATC 3-06 provisions (Equation 6.9), assuming that 
the viscous damping ratio for the fixed-base structure alone was 10%. The effective 
damping factors computed for the first mode according to the ATC 3-06 provisions (Ref. 
11) for the different set of analyses are presented in Fig. 6.16. The effective damping factor 
increases when there is more foundation compliance. Effective damping factors in the 
sensitivity analyses varied from 0.120 to 0.164 at the identified natural period of the 
firehouse (Fig. 6.16). 
For the modal damping assumption, the damping ratios for the remaining modes were 
selected to considerably reduce the /response of the higher modes while still incorporating 
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the participation of the lower modes. For the mass and stiffness proportional Rayleigh 
damping assumption, the first and second modes were selected for the computation of 
the damping matrices. Under this Rayleigh damping assumption, the effective damping 
factor for the second mode was considered to be the same as the one for the first mode. 
This consideration was taken to avoid underdamping of higher .modes with respect to the 
first mode. This latter condition can happen with the stiffness and mass proportional 
Rayleigh damping assumption (Section 5.1.6). This negative effect is further illustrated 
comparing the curves of Figs. 6.17 and 6.18, where the damping influence coefficients 
and the effective damping ratios for the remaining modes were computed according to 
Equations 5.36 to 5.38. The identified frequencies correspond to the discrete model which 
represents the recorded response at the firehouse in the E-W direction the best. 
The curve of Fig. 6.17 was obtained by selecting the circular frequencies of the first and 
the second modes with an effective damping coefficient of 0.164 for both modes. It can 
be observed from Fig. 6.17 that this assumption assures all higher modes to be overdamped 
with respect to lower modes. For the curve of Fig. 6.18, the circular frequencies of the 
first and the sixth modes were selected as parameters, with assoc.iated damping coefficients 
for these modes of 0.164 and 0.20 respectively. This assumption is sometimes taken when 
a smoother distribution of damping ratios across the frequency range of interest is desired. 
This practice is dangerous since lower damping ratios are introduced for intermediate 
modes with respect to the first mode. Then, a negative localized effect in the predicted 
motions take place since in~ividual members excited by those frequencies will respond 
dominantly at those frequencies. This response is opposite to that of real structural systems, 
which respond at their natural frequency. 
The sensitivity of predicted peak responses regarding the use of modal damping or mass 
and stiffness proportional Rayleigh damping is illustrated in Figs. 6.19 and 6.20. The curves 
of Figs. 6.19 and 6.20 correspond ~o the case where the stiffnesses of the diaphragms were 
increased by 25% with respect to their nominal values presented in Table 6.2. 
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The predicted peak accelerations for the central wall and the center of the south diaphragm 
at the roof level are presented in Fig. 6.19. The predicted maximum dynamic relative 
displacements between the roof and the base for the central wall and the center of the 
south diaphragm are presented in Fig. 6.20. Both figures show curves whose peak 
responses are insensitive with respect to the damping assumption (modal damping or mass 
and stiffness proportional Rayleigh damping). This is truth only when mass and stiffness 
proportional Rayleigh damping is used properly by not introducing lower damping ratios 
to intermediate or higher modes. In such cases, not only the peak responses are affected 
but the overall dynamic response of the system is polluted. 
6.1.6 Identified Structure in the East-West Direction 
Based upon the extensive sensitivity analyses presented in Sections 6.1.2 to 6.1.5, it was 
determined that the dynamic response of the firehouse of Gilroy in the E:-W direction was 
best represented with the discrete model of Fig. 6.1 when: 1) initially estimated stiffnesses 
of the diaphragms are increased by a 30%; 2) the stiffnesses of the walls are based on 
the average Young's modulus of 515 ksi obtained from the prism tests; and, 3) the shear 
modulus of the soil beneath the foundation is 6% higher of the average value initially 
estimated from the studies of Lew and Campbell (G; = 9.45 ksi), if the depth of the effective 
embedment of the foundation for the spread footings is neglected(23% smaller than the 
average if a nominal depth of 3 ft is considered). The associated effective damping ratio 
for the first mode was 16.4%. 
The computed acceleration time histories for the central wall and the center of the south 
diaphragm at the roof level are compared against the recorded motions in Fig. 6.21. The 
computed motions are slightly out-of-phase in relation to the recorded motions. This is 
a consequence of the roof records being out of synchronization with the ground records. 
The roof records started to trigger approximately 1.8 seconds earlier (Section 3.2). Initial 
i 
conditions at rest were assumed in the analyses, neglecting the magnitude of those initial 
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accelerations at the roof level because they were small. In adqition, better prediction of 
the initial conditions for all degrees of freedom of the discrete model based upon the roof 
records would still constitute an approximation and would not improve significantly the 
computed response. 
Peak accelerations and maximum dynamic drifts computed with the discrete model 
compare very favorably with those obtained from the recorded motions. The peak 
acceleration at the center of the south diaphragm at the roof level predicted by the discrete 
model (306. inlsec2 = 0.79g) is only 0.6% higher than the one recorded by sensor 5 (304. 
inlsec2 = O. 79g). The peak acceleration for the central wall at the roof level computed with 
the discrete model (131. inlsec2 = 0.34g) is 22.1 % lower than the one recorded by sensor 
4 (160. inlsec2 = 0.41g). 
The maximum dynamic displacement between the base and the roof computed with the 
discrete model for the center of the south diaphragm (1.60 inches) is 23.7% higher than 
the one computed from the recorded motions (1.30 inches). The maximum dynamic drift 
for the central wall estimated with the discrete model (0.74 inches) is 27.7% higher than 
the one obtained from the recorded motions (0.56 inches). The overshooting of the dynamic 
displacements should be expected since the discrete modeling does not include the 
constraints imposed by the walls running in the perpendicular direction. 
In addition, the frequency content of the acceleration time histories computed with the 
discrete modeling matches remarkably well the frequency content of the recorded motions. 
This is illustrated in Figs. 6.22 and 6.23 for the frequency range which is of interest in 
the study of the firehouse. Both the frequency content of the central wall (Fig. 6.22) and 
the diaphragm (Fig. 6.23) are closely reproduced. 
It is considered that the simplified discrete dynamic model presented throughout this study 
has been ~ble to identify and reproduce the dynamic respons.e of the firehouse of Gilroy 
in the E-W direction reasonably well. This fact strengthens the hypothesis that the response 
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of the firehouse was essentially elastic during the Lorna Prieta Earthquake, then, structures 
of similar characteristics may be reliably evaluated with the discrete dynamic modeling 
proposed in this study. 
6.2 North-South Direction Modeling 
An eight nOF discrete, linear-elastic dynamic model with soil-structure interaction effects 
was used to study the response of the firehouse of Gilroy in the north-south direction. 
The model is shown in Fig. 6.24. The masses were lumped and distributed according to 
the criteria given in Section 5.1.1, and their values are presented in Table 6.6. 
Table 6.6 Lumped masses for the N-S discrete 8 
DOF dynamic model (Fig. 6.24) 









Average lateral stiffness for each wall was computed based upon the procedure given in 
Section 5.1. 3.1, with quadratic isoparametric plane stress finite elements (8 nodes, 
2-dof-per-node) and an average Young's modulus of 515 ksi (according to the prism tests 
outlined in Section 2.3.3). The stiffness constant of the shear and axial springs representing 
the flexible diaphragms were esti.mated according to Section 5.1.2, assuming a shear 
.f 
modulus of plywood of 90 ksi and a Young's modulus of 1700 ksi. Equivalent effective 
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thicknesses for plywood diaphragms recommended by the American Plywood Association 
were also considered (APA, Refs. 34, 70). The preliminary estimates of the stiffness of 
the springs in Fig 6.24 are presented in Table 6.7. 
Table 6.7 Preliminary spring constants for the 8 DOF discrete model of Fig. 6.24 
SPRING ID Diaphragm;s Thickness (in) Stiffness (k/in) 
KOI 0.625 38.53 
K02 0.500 29.26 
K03 0.500-0.625 33.90 
K04 0.500 29.26 
Kal 0.500-0.625 1228.16 
Ka2 0.500-0.625 1159.93 
Soil-structure interaction effects were incorporated according to Section 5.1.7. The values 
of the generalized spring constan7s ke and ks were calculated based upon the procedure 
outlined by the Applied Technical Council (ATC 3-06, Ref. 11) for footing foundations. 
They were already presented in Section 6.1.1. In the computation of the generalized spring 
stiffnesses ks and ke, di was taken as zero because the side wall contact with the soil of 
embedded step-footings at the firehouse was assumed not to be effective during the Lorna 
Prieta Earthquake. Neglecting the depth of the effective embedment yields in a lower bound 
of the actual spring stiffnesses. The average shear modulus of the soil beneath the footings 
at large strain levels, Oi, was computed based upon the ATe 3-06 recommendations 
(Equation 6.8). 
The values of 'Y, v and Vs needed to estimate Oi were taken from Lew and Campbell for 
natural subsurficial soils with 10-59% content of gravel (Ref. 43). The values of ko and 
i 
~ were determined from Table 6-A of ATC 3-06 provisions by linear interpolation for 
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the recorded peak ground acceleration of 0.24g in the north-south direction. The average 
shear modulus for the soil beneath the foundation at large strain levels, 0;, was determined 
as 9.31 ksi in the N-S direction. The value of Gi in the N-S direction corresponds to the 
98 percent of the value obtained for the E-W direction. Therefore, the initial estimation 
of the generalized spring constants, ke and ka, are ke= 1.179x109 k-inlrad, and ks = 6890 
klin. These values were computed from Equations 6.1 to 6.7 based upon these assumptions, 
and neglecting the depth of the effective embedment of the spread footings. 
The amount of effective damping factor for the structure-foundation system, ~ , was 
determined according to ATe 3-06 provisions (Equation 6.9J. The structural damping 
factor St in the north-south direction was also assumed as 0.10. 
Time-step integration and frequency analyses of the 8 DOF discrete model were carried 
out using the same tools and methods which were employed for the analyses in the E-W 
direction (Section 6.1). 
6.2.1 Considerations for Sensitivity Analyses 
Several analyses were also carried out in the N-S direction to identify the response of the 
structure. The sensitivity of the modeling to variations in the stif~ness of walls, diaphragms, 
and soil, as well as for different damping assumptions was also studied. The stiffnesses 
of the diaphragms were varied within an increment of 100% (1.50kci, 175~, and 2 ~) 
of the nominal values presented in Table 6.7. Young's modulus of the masonry walls was 
varied from 60% to 125% of the average value determined by the prism tests (0.60E, O.75E, 
E, and 1.25E). 
To identify the frequency ranges of response of the firehouse in this direction, the nominal 
stiffnesses of the generalized foundation springs were also varied. Therefore, the average 
shear modulus for the soil beneath the foundation (GI = 9.31 ksi) was varied from 1.1SG; 
to 2.020; since the depth of the .Tffective embedment of the footings was neglected. If 
a nominal depth of effective embedment had been considered, the average shear modulus 
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for the soil beneath the foundation could have roughly varied from 0.87G; to 1.530; 
(Section 6.2.2). 
Damping ratios varied according to the amount of soil-structur~ interaction in each given 
analyses (Equation 6.9). Modal damping and Rayleigh damping are compared throughout 
the study, however, Figs. 6.27 to 6.35 show the plotted results of modal damping 
assumption alone. 
The fixed-based condition was studied in order to assess the influence of the soil-structure 
interaction effects. The rigid diaphragm condition was also studied to compare it against 
the flexible diaphragm condition. The results of the sensitivity analyses in the N-S direction 
are discussed in Sections 6.2.2 to 6.2.6. 
6.2.2 Sensitivity with Respect to Soil-Structure Interaction Considerations 
Soil-structure interaction effects had a considerable impact in the amplitude of the 
response of the structure in the N-S direction. This is in correspondence with the behavior 
observed in the E-W direction. This can be illustrated by comparing the response of the 
fixed-base system with respect to. the system where the flexibility of the soil-foundation 
! 
system was considered. For the fixed-base consideration, the computed mode shapes from 
the original-data discrete model are shown in Fig. 6.25. 
The mode shapes of Fig. 6.25 describe the in-plane motions. These shapes are presented 
schematically in the equivalent system composed by condensed beams and elastic springs 
(Figs. 6.25 and 5.2 b). The natural period of this model was 0.36 seconds, approximately 
12% larger than the identified natural period of the firehouse in the N-S direction of 0.33 
seconds. The first two mode shapes suggest that the diaphragm action controls the response 
of the structure. The amplitude of the movement of the walls in the lower modes for the 
fixed-base condition is small when compared to that of the diaphragms. 
The amplitudes of peak responses ;were determined by performing a time-step analysis 
i 
of this fixed-base system considering 10% viscous damping for the first mode and 
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increasing the damping for the higher modes through a modal damping assumption. The 
computed peak accelerations at roof level were 0.15g at the east wall, 0.06g at the west 
wall, and 0.48g at the center of the south diaphragm. The recorded peak acceleration at 
the south diaphragm of the roof level in the N-S direction was 0.55g (Fig. 3.2, Table 3.1). 
The maximum computed relative displacements between the roof and the base were 0.10" 
forthe east wall, 0.03" for the west wall, and 0.65" for the center of the south diaphragm. 
The maximum relative displacement computed at the center of the south diaphragm from 
the recorded motions was 0.40" in the N-S direction. The natural period is elongated by 
12%, and the peak acceleration at the diaphragm is undershot by 14%, however, the peak 
dynamic drift between the south diaphragm and the base is overestimated by 63%. 
Therefore, the fixed-base model gives a crude estimation of the overall response of the 
structure. 
There are not recorded data available to compare any of the walls that resisted the seismic 
action in the N-S direction. However, based upon the observations made in the E-W 
direction (Section 6.1.2), it is believed that the fixed-base modeling may underestimate 
the amplitude of the response of the east and west walls as well. 
Based upon the experience gained during the E-W direction modeling, soil-structure 
interaction effects were introduced to improve the modeling, particularly the amplitude 
of the response of the walls. The computed mode shapes presented in Fig. 6.26 correspond 
to a system based entirely on the initial considerations of Section 6.2, and the inclusion 
of soil-structure interaction effects. 
Mode shapes of Fig. 6.26 describe in-plane motions, and they are presented schematically 
in the equivalent system composed by condensed beams and elastic shear and axial springs 
(Figs. 6.26 and 5.2 b). The average shear modulus for the soil beneath the foundation 
.:" 
was 1.44 times higher than the average value given in Section 6.2. This value correspo~ds 
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to the upper limit for this type of soil according to the studies of Lew and Campbell (Ret 
43), for the case where the effective depth of the spread footing foundation is neglected. 
The computed natural period estimated was 0.41 seconds for the discrete model based 
upon the initial data with soil-structure interaction. This value constitutes a 12.5% 
increment with respect to the fixed-base model, and a 26% increment with respect to the 
identified natural period of the structure in the N-S direction. The first two mode shapes 
still identify a dominant diaphragm action. However, it is clear from the first mode that 
the flexibility of the base induces higher responses in the walls, especially in the west wall 
(right-hand side, degrees of freedom 7 and 8 of Figs. 6.26 and 6.27). 
This is corroborated with the time-step analysis for this condition, including a viscous 
damping of 12.6% for the first mode of the soil-structure system (Equation 6.9). The 
computed peak accelerations. at the roof level for the east and west walls, and the center 
of the south diaphragm, were 0.30g, 0.23g, and 0.67g respectively. The maximum 
computed relative displacements between the roof and the base were 0.36" for the east 
wall, 0.28" for the west wall, and 1.01" for the south diaphragm. 
Soil-structure interaction effects improved the computed response of the walls as 
compared to the response of the fixed-base discrete model. On the other hand, 
soil-structure interaction worsen the overestimation of the amplitude of the dynamic 
responses at the diaphragms, in addition to elongate the natural period of the structure. 
This can be observed in Table 6.8, where the peak responses of the west wall and the 
south diaphragm under these two conditions are compared with respect to the recorded 
peak responses (south diaphragm only). 
The original set of analyses suggested that the initial estimates of structural response 
crudely represent the observed dynamic response in the firehouse in the N-S direction. 
The estimate of the dynamic respojse can be further improved considering the variability 
of the material properties and the effective axial and shear areas of the diaphragms. 
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Sensitivity analyses were carried out to improve the prediction of the natural period of 
the structure and the amplitude of the response of the diaphragms. These analyses were 
performed by increasing the initially estimated stiffness of the diaphragms (Section 6.2.3). 
Table 6.8 Recorded vs computed peak responses at the roof level of the original 
discrete MDOF dynamic modeling of the rIrehouse of Gilroy (N-S). 
West Wall Center of South Diaphragm 
Parameter Recorded Fixed-Base Flexible Recorded Fixed-Base Flexible 
Model Base Model Model Base Model 
Accel. - 0.06g 0.23g O.55g 0.48g 0.67g 
II Drift /I 0.03" 0.28" /I 0.40" I' 0.65" 1.01" II 
As a matter of fact, several studies were carried out to identify t..he recorded response of 
the structure and the sensitivity of this discrete modeling to variations of the parameters 
involved in the modeling. As stated earlier for the sensitivity studies in the E-W direction, 
these parameters interact among themselves and they are difficult to isolate. 
The variation of the natural period of the model structure with respect to variations of 
the stiffness of the foundation is presented in Figs. 6.27 and 6.28. In these figures, the 
period is expressed as a function of the assumed average shear modulus of the soil beneath 
the foundation, G;, when the depth of the effective embedment of the spread footings is 
neglected. 
For the curves of Fig. 6.27, Young's modulus of the masonry walls was kept constant to 
the average value of the prism tests ("E", E = 515 ksi). Each curve identifies the influence 
of the variations of the average shear modulus of the soil for a given assumed stiffness 
of the diaphragms. Each curve is identified with a label which is expressed in function 
of the nominal stiffness presente~ in Table 6.7. Then, the label "1.75~" identifies the 
curve of a discrete model where the stiffnesses of the diaphragms in Table 6.7 were 
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increased in a 75%. The curve connecting full circles corresponds to this condition. The 
vertical dashed line represents the natural period of 0.33 seconds of the firehouse in the 
north-south direction. The horizontal dashed lines define the maximum range of variation 
of G; for natural stiff soils with 10-50% content of gravel (Lew and Campbell, Ref. 43). 
As noticed in the analyses for the E-W direction, it can be identified for each curve of 
Fig. 6.28 that the computed natural period increases fast when more soil-structure 
interaction is present. That is, when Gj decreases, as it should be expected. However, in 
the vicinity of the natural period of the structure, the amount of soil-structure interaction 
needed can be substantially different in the studied range of stiffnesses of the diaphragms 
(1.50~ to 2.0~). This is clearly in contrast to what was observed in the sensitivity analyses 
for the E-W direction. 
The general tendency of the curves of Fig. 6.28 agrees with the observed trend of the 
sensitivity analyses in the E-W direction. The gap between curves increases as the system 
approaches the fixed-base condition (increment on the assumed Gi ), whereas the influence 
of variation of diaphragm stiffn~ss in the natural period of the structure is considerably 
" 
attenuated as the soil-structure interaction effects are more pronounced (decrement on 
the assumed Oi). 
Curves of Fig. 6.28 were obtained in a similar fashion. In these curves, the stiffness of 
the diaphragm were increased by 75% (1. 75~). Young's modulus of the walls was varied 
from 60% to 125% of the average value estimated by the prism tests. The curve connecting 
full circles corresponds to the discrete model where the stiffness of the diaphragms were 
increased by 75% while maintaining Young's modulus of the walls equal to the average 
value estimated from the prism tests (1. 75~, E). 
Curves of Fig. 6.28 show that in the vicinity of the identified naturai period of the firehouse, 
a small change in the estimated ~tiffness of the walls requires much different levels of 
soil-structure interaction compliance. Thus, more soil-structure interaction is needed to 
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match a given period for more flexible walls. Similar to what was observed in theE-W 
direction, the curves of Fig. 6.28 suggest that soil-structure interaction affects more 
severely the natural period of stiffer structures than the period of flexible structures. 
The curves of Fig. 6.28 also suggest that variations within the considered range of the 
nominal stiffness of the walls are not important in the computed period of the structure 
as the model approaches the fixed-base condition. On the contrary, these variations are 
important in the determination of the natural period of the structure when soil-structure 
interaction is more pronounced. Therefore, what is observed in Fig. 6.28 is in contrast 
with Fig. 6.27, for variations in the stiffness of wall and diaphragms respectively. The 
general trend observed from the sensitivity studies for the N-S direction (Figs. 6.27 and 
6.28) agrees with that of the sensitivity studies for the E-W direction (Figs. 6.4 and 6.5). 
The variation of non-dimensional parameters l3e and 138 with respect to the variation of 
the average shear modulus of the soil is depicted in Fig. 6.29 for all the sensitivity case 
studies in the N-S direction. Parameters l3e and 138 identify the proportion of soil-structure 
interaction due to rocking and lateral translation respectively. It is identified from the study 
of Fig. 6.29 that (3e and 138 are practically unaffected by variations in the stiffness of the 
diaphragms. However, variations in the stiffness of walls do affect these parameters. 
Comparing the curves in -Fig. 6.29 for l3e and 138, it can be concluded that soil-structure 
interaction effects in the N-S direction of the firehouse are also more dependent on the 
translational action of the foundation rather than on rocking. 
It can be concluded that the introduction of soil-structure interaction in the N-S direction 
modeling was important to improve the amplitude of dynamic responses at the walls. Based 
upon the studies in the E-Wand the N-S directions, it was found that soil-structure 
interaction in the modeling was more dependent on u1e translational action of dle 
foundation. Variations of the no~.inal stiffness of walls and diaphragms for the discrete 
models in the N-S direction are sensitive to soil-structure interaction effects in the 
130 
neighborhood of the identified natural period of the structure in this direction. The 
computed natural periods for the discrete models were more sensitive to soil-structure 
interaction for stiffer walls. 
The average shear modulus of the soil beneath the foundation needed a wide variation 
to match the identified natural period of the firehouse in the N-S direction. In most cases, 
these moduli were higher than the maximum value obtained for the type of soil under 
study. For the worst case study (1.50~, E), it was within 40%. Nevertheless, it should 
be remembered that the effective depth of the spread-footing foundation was neglected 
in the estimates of the generalized spring constants as that information was not available. 
Neglecting the effective depth of the foundation yields in an underestimation of the actual 
stiffness of those generalized springs, as it can be deducted from Equations 6.1 to 6.7. 
Therefore, a better correlation could be achieved if an effective depth of the foundation 
is considered. Soil-structure interaction effects in the discrete models of the firehouse were 
more dependent on the translational action of the foundation. Therefore, the increment 
in the stiffness of the generalized translational springs for a nominal effective depth of 
; 
the spread footings can be roughly estimated from the amplification factor (At) tacitly 
involved in Equation 6.3 : 
where: 
. 2di A,= 1 +--
3 rGi 
d i = depth of the effective embedment for the ith footing. 
... 6.10) 
r ai = radius of a circular footing that has the area of the ith footing, Aoi. 
All spread footings are assumed to have identical geometry in a given direction. Thus, 
the amplification factor can be roughly estimated if a typical embedment depth necessary 
for the spread-footings to distribufte evenly the gravitational loads upon the supporting 
soil is considered. A typical embedment depth for this purpose is 3 ft. Then, for an effective 
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embedment depth of 3 ft, and an estimated ral of 6.40 ft for the footings of the east and 
west walls, the amplification factor for the stiffness of the generalized translational springs 
in the N-S direction is 1.32. 
Therefore, it can be conservatively assumed that the stiffness of the foundation system 
would increase by 32%, since the depth of the effective embedment also increases the 
generalized rocking stiffness of the foundation (about 32%, from Equations 6.2, 6.4 and 
6.5). Hence, for a typical embedment depth the range of variation of the average shear 
modulus of the soil beneath the foundation needed to match the identified natural period 
of the firehouse in the N-S direction would have been in bounds from the recommended 
values for the type of soil considered (1.04Gi to 1.44Gi). 
6.2.3 Sensitivity with Respect to variations in the Stiffness of Diaphragms 
As noticed in Section 6.2.2, the flexibility of diaphragms controlled the dynamic response 
of the firehouse in the N-S direction as well. This is illustrated in Figs. 6.25 and 6.26, 
wh~re the mode shapes for the fixed-based discrete modeling and the discrete modeling 
which considers soil-structure interaction are presented. The first two mode shapes in both 
cases are characterized by the diaphragm action. 
Several analyses have been carried out to study the sensitivity of the discrete model of 
the firehouse in the N-S direction to variations in the stiffness of the diaphragms. As 
discussed in Section 6.2.2 (Fig. 6.27), changes in the nominal stiffness of the diaphragms 
affect significantly the natural period of the fixed-base structure, but they become less 
important when some soil-structure interaction starts to take place. 
The sensitivity of peak structural responses for increments of 50%, 75% and 100% (1.50~, 
1. 75~, and 2.00~ respectively) of the nominal stiffness of the diaphragms are presented 
in Figs. 6.30 and 6.31. In the curves of Figs. 6.30 and 6.31, Young's modulus of the 
masonry walls was kept constant ~nd equal to the average value of the prism tests of 515 
ksi. The variation of the predicted peak accelerations for both walls and the center of bC?th 
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diaphragms at the roof level in the N-S direction with respect to the computed natural 
period is presented in Fig. 6.30. The vertical dashed line represents the identified natural 
period of the fi~ehouse in the N-S direction.- The horizontal dashed line identifies the 
recorded peak acceleration at the center of the south diaphragm at the roof level in this 
direction (0.55g). The curves connecting full geometric sections (circles, squares, triangles 
and rhomboids) correspond to the discrete model defined by an increment of 75% of the 
nominal stiffness of the diaphragms presented in Table 6.7. 
As it was observed for the E-W direcdon, the study of the curves in Fig. 6.30 suggests 
that the amplitude of the peak accelerations are sensitive to variations of the stiffness of 
the diaphragms. The amplitude of the accelerations at the south and north diaphragms 
are almost identical, and slightly higher for the south diaphragm. Thus, the axial stiffness 
of the diaphragms is close to the rigid condition. The amplitude of the accelerations is 
higher at the diaphragms than at the walls. The peak accelerations at the walls are 
distributed across the roof unevenly. This is in concordance with what was noticed in the 
E-W direction. The uneven distribution of accelerations at the walls has a negative impact 
in the structure, especially when the flexible diaphragms sul?ject the most flexible and 
weakest wall (east wall) to higher accelerations than the stiffest and strongest wall (west 
wall). 
The variation of the predicted peak accelerations is more pronounced at the wall than at 
the center of the diaphragms (Fig. 6.30). This effect is more noticeable in the vicinity of 
the identified natural period of the firehouse. This behavior is contrary to the behavior 
observed ,for the E-W direction (Fig 6.8). The discrete model is undershooting by 4% to 
12% the recorded peak acceleration at the south diaphragm in the N-S direction. The 
curves computed for an increment of 75% of the nominal stiffnesses of the diaphragms 
(1. 75 Y>-d) seem to be the best representation of the recorded peak responses. 
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The patterns of the curves of Fig. 6.30 are rather complex because of the influence of 
another parameters of the discrete modeling. The increment of the predicted peak 
acceleration for the walls when the stiffnesses of the diaphragms are increased is also 
propitiated by the fact that more soil-structure interaction is needed in these cases to have 
structures with similar period. 
This can be confirmed from the comparison of the modes shapes presented in Figs. 6.25 
and 6.26. In these figures is clear that soil-structure interaction increases considerably 
the amplitude of the dynamic response of the walls with respect to the diaphragms. The 
decrement of the predicted peak acceleration for the center of the south diaphragm for 
an increase of the stiffness of the diaphragms seems to be partially caused by the fact 
that higher effective damping ratios are used when soil-structure interaction is more 
pronounced. Higher damping ratios are used as a consequence that the effective damping 
ratio is a function of the period elongation between the flexible-supported structure and 
the fixed-base structure (Equation 6.9). The period elongation for each case can be 
deducted from Fig. 6.30, since the leftmost points of each curve represent the peak 
responses ,of the fixed-base condition. 
The curves obtained for the predicted maximum relative displacements between roof and 
base for the east and west walls, and the center of the south and north diaphragms, are 
presented in Fig. 6.31. The horizontal dashed line represents the maximum dynamic 
relative displacement experienced by the structure at the center of the south diaphragm 
in the N-S direction (l1 = 0.40 in). The curves overshoot the identified maximum dynamic 
relative displacement at the south diaphragm. As stated earlier for the E-W direction, this 
could be attributed to the inherent inability of the 2-D discrete model to account for the 
constrains imposed by the walls running in the perpendicular direction. 
The perception that flexible diaphr:agms allow the more flexible in-plane resisting elements 
(east wall) to deform more freely is reinforced from the study of the curves of Figs. 6.30 
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and 6.31. The more flexible elements (east wall) experience higher accelerations and 
deformations than the stiffer elements (west wall). Hence, the flexibility of the diaphragms 
seems to have a negative impact in the behavior of structures if the diaphragms remain 
elastic and additional sources of energy dissipation are not provided. 
A set of analyses was run considering that the firehouse would have had rigid diaphragms. 
This was done to investigate the positive or negative impact of having flexible diaphragms 
instead of rigid diaphragms. The stiffnesses of walls and soil ,?orrespond to those of the 
best-correlation discrete model for the N-S direction (O.75E, 0=1.43 Gi , and 1.75~). Both 
the fixed-based structure and the flexible-supported structure models were studied for 
the infinitely rigid diaphragm conditiqn. 
Results of the analyses are summarized in Table 6.9, where they are compared to the 
recorded responses at the firehouse and to the predicted responses by the discrete model 
with the best correlation. The natural period of the structure is changed dramatically if 
the diaphragms are rigid. As know, rigid diaphragms lead to uniform distributions of 
accelerations and deformations it? all connecting elements. In contrast, flexible diaphragms 
,I 
lead to uneven deformations in the connecting elements according to their relative stiffness. 
The comparative data summarized in Table 6.9 suggest that for a fixed-based structure, 
flexible diaphragms could induce lower accelerations at the in-plane walls than rigid 
diaphragms. However, the induced dynamic drifts could be considerably higher for the 
more flexible in-plane walls, as in the case of the east wall. When soil-structure interaction 
effects are considered ("flexible base" columns), the study suggests that a structure with 
rigid diap~ragms shall experience lower accelerations at the walls. 
A concern with the flexible diaphragms is that regardless of the supporting conditions, 
the diaphragms push themselves to higher accelerations and deformations which they 
should be able to withstand. In a9dition, these uneven high deformations are imposed to 
the out-of-plane walls, forcing the walls to resist these deformations without splitting. 
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Table 6.9 Comparative study of the predicted peak responses at the roof level for 
the rIrehouse, cons,idering flexible or rigid diaphragms (N-S) 
Flexible Diaphragms Rigid Diaphragms 
Measured Fixed-Base Flexible Base Fixed-Base Flexible Base 
Natural Period 0.325 0.294 0.325 0.135 0.227 
Peak Accelerations (g) 
Element Flexible Diaphragms Rigid Diaphragms 
Measured FIxed-Base Flexible Base Fixed-Base Flexible Base 
East Wall - 0.20 0.30 0.24 0.22 
West Wall - 0.08 0.20 0.24 0.22 
South Diaphragm 0.55 0.44 0.54 0.24 0.22 
North Diaphragm - 0.43 0.53 0.24 0.22 
Maxi~um dynamic drifts (inches) 
Element Flexible Diaphragms Rigid Diaphragms 
Measured FIxed-Base Flexible Base Fixed-Base Flexible Base 
East Wall - 0.12 0.26 0.06 0.99 
West Wall - 0.05 0.18 0.06 0.99 
South Diaphragm 0.40 0.49 0.64 0.06 0.99 
North Diaphragm - 0.48 0.63 0.06 0.99 
In summary, the sensitivity studies regarding the flexibility of the diaphragms in the N-S 
direction confirm the fact that the ,diaphragm action governs the dynamic response of the 
structure. Similar conclusions can be learned from the studies for the E-W direction. 
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Increments in the nominal stiffness of flexible diaphragms affect the natural period of 
the fixed-base discrete models more severely than when soil-structure interaction is 
accounted in the discrete modeling. 
Flexible diaphragms distribute the forces unevenly among the in-plane resisting elements, 
by allowing the more flexible in-plane elements to experience higher accelerations and 
deformations. Flexible diaphragms subject themselves to amplified dynamic response 
which they should be able to withstand. Besides, these amplified motions are imposed to 
the resisting elements in the perpendicular direction. Thus, flexible diaphragms may have 
a negative impact in the dynamic behavior of a structure, especially if the diaphragms 
remain elastic as it has been assumed throughout this study. 
6.2.4 Sensitivity with Respect to Variations in the Stiffness of Masonry Walls 
For this study, the stiffness of the diaphragms selected were the ones increased by 75% 
of their nominal values (Table 6.7). These values were kept constant throughout these 
sensitivity studies. This selection was done on grounds of a better prediction of the natural 
period and of the amplitude of thr diaphragm's response. Young's modulus was assumed 
to vary from 60% to 125% of the average value of 515 ksi obtained from the prism tests. 
As discussed previously in Section 6.2.2, the curves of Fig. 6.28 suggest that variations 
in the nominal stiffness of the walls do not have a considerable impact in the computed 
period of the structure as the discrete models approach to a fixed-base condition, whereas 
these variations are important in the determination of the natural period of the structure 
as the soil-structure interaction effects are more pronounced. 
The sensitivity of peak structural responses with respect to variations from 60% to 125% 
in the nominal stiffnesses of the walls are presented in Figs. 6.32 and 6.33. The variation 
of the predicted peak accelerations for all the walls running in the N-S direction and the 
center of both diaphragms at the ~.oof level with respect to the computed natural period 
is presented in Fig. 6.32. The vertical dashed line represents the identified natural period 
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of the firehouse of 0.33 seconds in the N-S direction. The horizontal dashed line identifies 
the recorded peak acceleration at the center of the south diaphragm at the roof level in 
this direction. The curves connecting full geometric sections (circles, squares, triangles 
and rhomboids) identify the "reference discrete model" in this direction. This model 
corresponds to the case study where the stiffness of the diaphragms are increased by 75% 
and Young's modulus is equal to the average value estimated from the prism tests. 
It can be concluded from Fig. 6.32 that the predicted peak accelerations are insensitive 
to the considered range of variation of the nominal stiffness of the walls in all period 
ranges. A similar conclusion can be drawn from the maximum dynamic relative 
displacements between the roof and the base. These displacements are presented in Fig. 
6.33 for all walls and diaphragms resisting in-plane action in the N-S direction. In 
agreement with the sensitivity analyses for the E-W direction (Section 6.1.4), the peak 
accelerations and the maximum dynamic drifts predicted with the discrete modeling are 
rather insensitive to the considered range of variation of the nominal stiffness of the walls 
for all period ranges. 
6.2.5 Sensitivity with Respect to Dampine Assumptions 
As for the E-W direction, parallel studies were done in the N-S direction to asses the 
difference of using modal damping instead of Rayleigh damping. The considerations 
addressed in Section 6.1.5 apply for these sensitivity studies as well. For all sensitivity 
analyses, the effective damping ratio for the first mode was obtained according to the ATe 
3-06 provisions (Equation 6.9), assuming that the viscous damping ratio for the fixed-base 
structure was 10%. 
The effective damping factors computed for the first mode according to the ATe 3-06 
provisions for the different set of analyses are presented in Fig. 6.34. The effective damping 
factor increases when there is mor·e foundation compliance. Effective damping factors in 
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the sensitivity analyses varied from 0.106 to 0.145 at the identified natural period of the 
firehouse of 0.33 seconds in the N-S direction (Fig. 6.34). 
For the modal damping assumption, the damping ratios for the remaining modes were 
selected to reduce considerably the response of the higher modes. For the mass and 
stiffness proportional Rayleigh damping assumption, the first and the second modes were 
selected for the computation of the damping matrices. Under the Rayleigh damping 
assumption, the effective damping factor for the second mode was taken equal to the one 
for the first mode. This assumption was done to avoid that higher modes could be 
underdamped with respect to the first mode. This was previously illustrated in Figs. 6.17 
and 6.18 and discussed in Sections 6.2.5 and 5.1.6. 
The variation of the effective Rayleigh damping factor corresponding to the discrete model 
which represents the dynamic response of the firehouse in the N-S direction the best is 
presented in Fig. 6.35. The curve of Fig. 6.35 was obtained by selecting the circular 
frequencies of the first and the second modes, and assuming an effective damping 
coefficient of 0.12 for both modes. It can be observed again that when the second mode 
; 
is at least equally damped with respect· to the first mode for a stiffness and mass 
proportional Rayleigh damping assumption, all higher modes will be overdamped with 
respect to the lower modes. 
The sensitivity of the predicted peak responses regarding the use of modal damping or 
mass and stiffness proportional Rayleigh damping is illustrated in Figs. 6.36 and 6.37 for 
the N-S direction. The curves of Figs. 6.36 and 6.37 correspond to the case where the 
stiffnesses of the diaphragms were increased by a 75% and the stiffnesses of the walls 
were equivalent to 75% of those estimated from the average value of the prisms test. 
The predicted peak accelerations for the center of the south diaphragm and the east wall 
at the roof level are presented in ,Fig. 6.36. The predicted maximum dynamic relative 
displacements between the roof and the base for the east wall and the center of the south 
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diaphragm are presented in Fig. 6.37. The curves presented in both figures show that peak 
responses are insensitive with respect to the damping assumption. The slightly notorious 
difference for the east wall was a direct consequence of higher damping ratios than those 
. defined by Rayleigh damping were considered in the modal damping assumption for the 
second, third and fourth modes. It can be observed back from the mode shapes of Fig. 
6.26 that the amplitude of the response of the east wall (degrees of freedom 1 and 2) is 
affected by the third and fourth modes. 
6.2.6 Identified Structure in the North-South Direction 
It was determined from the sensitivity analyses presented in Sections 6.2.2 to 6.2.5 that 
the dynamic response of the firehouse of. Gilroy in the N-S direction was best represented 
with the discrete model of Fig. 6.24 when : 1) initially estimated the stiffnesses of the 
diaphragms are increased by 75%; 2) the stiffnesses of the walls are equivalent to 75% 
of the average Young's modulus obtained from the prism tests; and, 3) the shear modulus 
of the soil beneath the foundation is 43% higher of the average value initially estimated 
from the studies of Lew and Campbell (G; = 9.31 ksi), if the depth of the effective 
embedment of the foundation for the spread footings is neglected (8% higher than the 
average if a nominal depth of 3 ft is considered). The associated effective damping ratio 
for the first mode was 12%. 
The acceleration time histories computed for the center of the south diaphragm at the roof 
level under these considerations are compared against the recorded motions in Fig. 6.38. 
The computed motions are slightly out-of-phase from the recorded motions. The roof 
records were not synchronized with the ground records since they started to trigger 
approximately 1.8 seconds earlier (see Section 3.2). As mentioned before for the E=W 
direction, this is a consequence o~ the foof records being out of synchronization with the 
ground records (Section 6.1.6). 
140 
The peak accelerations computed with the discrete' model in the N-S direction compare 
favorably with those obtained from the recorded motions. The peak acceleration at the 
center of the south 'diaphragm at the roof level predicted by the discrete model in this 
direction (207. inlsec2 = 0.S4g) is only 2.3% smaller than the one recorded by sensor 6 
(211. inlsec2 = O.SSg). 
On the other hand, the maximum dynamic relative displacements are noticeable overshot 
by the discrete modeling. The maximum dynamic relative displacement between the base 
and the roof computed with the discrete model for the center of the south diaphragm (0.64 
inches) is S9% higher than the one computed from 'the recorded motions (0.40 inches). 
The overshooting of the dynamic displacements should be expected because' the discrete 
modeling does not include the constraints imposed by the walls running in the 
perpendicular direction. 
The frequency content of the acceleration time histories computed with the, discrete 
modeling matches well the frequency content of the recorded motions (sensor 6). This 
is illustrated in Fig. 6.39 for the recorded motions at the south diaphragm in the N-S 
direction for the frequency rangelof interest. The frequency content of the diaphragm is 
reasonably represented, especially in the neighborhood of the natural frequency. This 
strengthen the hypothesis that the response of the firehouse was essentially elastic during 
the Lorna Prieta Earthquake. 
It is considered that the simplified discrete dynamic modeling presented in Section 6.2 
for the N-S direction has been able to identify in a reasonable way the dynamic response 
of the firehouse of Gilroy in this direction within -a reasonable range of variation of the 
stiffnesses of the structural elements involved in the modeling. 
6.3 Summary and Observations Regarding the Modeling 
The discrete MDOF discrete linea~:~elastic dynamic model has been able to represent for 
both directions the recorded dynamic response of the firehouse of Gilroy during the Lorna 
141 
Prieta Earthquake within reasonable range~ of variation for the parameters involved. The 
natural periods of the structure in both the E-W and the N-S direction were identified 
without significant deterioration of the frequency content of the computed accelerograms 
with respect to the recorded accelerograms (Figs. 6.22, 6.23, and 6.39). This 'Suggest that 
the response of the firehouse was primarily elastic during the Lorna Prieta Earthquake. 
Correlations for predicted peak accelerations were remarkably good with respect to the 
recorded accelerations for both directions. The discrete model predicted the observed 
dynamic amplification between peak accelerations at the center of the south diaphragm 
and the central wall at the roof level in the E-W direction well. Predicted maximum 
dynamic displacements in both directions were generally overshot. However, these 
displacements compared favorably with those obtained from the recorded motions, 
particularly for the E-W direction. The overshooting should be expected because the !-
discrete modeling does not include the dynamic constraints imposed by the walls. running 
in .the perpendicular direction. 
In general, the discrete model for the E-W direction reproduced the response of the 
firehouse more closely than the discrete model for the N-S direction. Higher variability 
of the relative stiffness of the diaphragms and the foundation system were required in 
the N-S direction to identify the recorded response. However, this range of variation was 
still in reasonable margins. 
The frequency analyses of the discrete models for both the fixed-base and the 
flexible-supported conditions (Figs. 6.2, 6.3, 6.25 and 6.26) corroborated that diaphragm 
action controls the dynamic response of the firehouse. This was previous.ly suspected from 
the observation of the recorded response during the Lorna Prieta Earthquake (Sections 
3.2.1 and 3.2.2). Computed mode shapes in both directions also identified that the 
modeling of the dynamic response of the firehouse was best represented when 
soil-structure interaction effects were considered. 
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The fixed-base discrete models of the firehouse in both directions were unable to predict 
the peak. structural responses of the walls well. The predicted peak acceleration for the 
central wall with the fixed-base model was 6.8 times smaller than the one recorded, and 
the predicted maximum dynamic drift was 7 times smaller. However, the fixed-base 
models obtained reasonable estimates of the natural frequencies of the structure. 
Soil-structure interaction was considered to improve the overall modeling. Soil-structure 
interaction was an important factor to identify the observed dynamic response of the 
firehouse. The amplitudes of structural responses were best· represented when 
soil-structure interaction effects were considered, and they. correlated well with the 
recorded responses. Soil-structu.re interaction effects in t.l}e discrete models of the 
firehouse were more dependent on the translational action of the foundation rather than 
on rocking because the structure was rather stocky. 
Variations in the stiffness of the walls of the discrete models were much more sensitive 
to soil-structure interaction effects than to variations in the stiffness of the diaphragms 
when the natural periods of the discrete models were computed. The computed natural 
,I 
periods. from the discrete models were more sensitive to soil-structure interaction effects 
when the walls were stiffer. The values of the average shear stiffness of the soil needed 
to match the identified natural period of the firehouse in both directions were within the 
identified range of variation for the type of soil under study, especially ·when a nominal 
depth of effective embedment of the spread footings was conSidered. 
The considered range of yariation in the stiffness of the diaphragms was within reasonable 
margins in both directions. In the E-W direction, a 30% increment in the stiffness of the 
diaphragms was required to identify the recorded response. In the N-S direction, an 
increment of 75% was required for the same purpose. The initial estimates of the stiffness 
of the diaphragms constitute a lo\yer bound since they were based entirely on the cross 
/ 
section of the plywood alone. 
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The contribution to the stiffness of the sheathing and the joists was neglected in the initial 
calculations because their participation in the lateral stiffness of the diaphragms is difficult 
to assess. There is no information available to determine how effective these elements 
are to contribute to the lateral stiffness of wood diaphragms in the elastic range. If the 
sheathing would be 100% effective in shear, its contribution would allow an 11 % increment 
in the stiffness of the diaphragms with respect to the stiffness of the plywood alone. If 
the joists running in the direction of loading would be 100% effective in shear in that 
direction, then, the stiffness of the diaphragms could have been increased by 268% in that 
given direction. There is not an easy way to assess how much the contribution of the joists 
to the stiffness of the diaphragms would be when they are running perpendicular to the 
direction of loading. Therefore, it is felt that an increment up to 75% of the nominal 
stiffness of the diaphragms based exclusively in the cross section of the plywood is 
reasonable. 
Sensitivity studies' regarding the flexibility of the diaphragms in the both directions 
confirmed the fact that diaphragm action controlled the dynamic response of the structure. 
Increments of the nominal stiffness of the flexible diaphragms affect the natural period 
of the fixed-base discrete models more severely than when soil-structure interaction is 
accounted in the discrete modeling. Flexible diaphragms distribute the forces unevenly 
among the in-plane resisting elements, inducing higher accelerations and deformations 
to the more flexible in-plane elements. Flexible diaphragms subject themselves to 
amplified dynamic responses that they are forced to withstand. In addition, flexible 
diaphragms impose these' amplified motions to the resisting elements in the perpendicular 
direction. Thus, flexible diaphragms may have a negative impact in the dynamic behavior 
of a structure, especially if the diaphragms remain elastic as it has been assumed 
throughout this study. 
The considered range of variation ;in the stiffness of the walls was more than reasonable 
i 
in both directions. The modulus of elasticity of unreinforced masonry has a wide ran,ge 
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of variation. Young's modulus of unreinforced masonry can vary even beyond 100 percent. 
For the E-W direction, the initial estimate of the stiffness of the walls based upon the 
average Young's modulus obtained from the prism test was the best guess to identify the 
recorded response. For the N-S direction, a Young's modulus equivalent to 75% of the 
average modulus obtained from the prisms tests achieved the same purpose. This 
correlation constitutes a remarkable fact in the modeling, because the average Young's 
modulus was determined from the testing of only two prisms joined with a mortar mix 
prepared according to the result of chemical, petrographic and x-ray diffraction analyses. 
Sensitivity analyses for both directions revealed that the peak accelerations and the 
maximum dynamic displacements predicted with the discrete models were rather 
insensitive to the range of variation of the nominal stiffnesses of the walls considered for 
all period ranges. 
Sensitivity studies with respect to damping assumptions showed that mass and stiffness 
proportional Rayleigh damping is good and practical when special attention is taken to 
avoid introducing smaller damping ratios for the higher modes. This can always be 
! 
achieved by assuming that the damping ratio for the second mode is at least equal or greater 
to the one for the first mode. When this was done, mass and stiffness proportional Rayleigh 
damping had a good correlation when compared to a more elaborated modal damping 
assumption. If modes different from the first and second modes are selected to define 
the stiffness and mass proportional damping matrix, special attention has to be paid to 
check that lower modes shall not result overdamped in comparison to higher modes. When 
higher modes are underdamped, noise is introduced in the computed dynamic responses, 
especially in the elements excited by those higher frequencies. This checking can be easily 
done using Equation 5.38. 
In synthesis, the extensive sensitivity studies done with the discrete models of the firehouse 
in both directions revealed that the natural frequency and the amplitude of the dynamic 
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response of the structure is sensitive to variations in the stiffness of the diaphragms and 
to soil-structure interaction considerations. At the same time, it is rather insensitive to 
the variation in the stiffness of the walls. Stiffness and mass proportional Rayleigh damping 
constitutes a practical assumption when it is assured that higher modes are not 
underdamped with respect to lower modes. However, modal damping still is a better option 
and its use is encouraged whenever possible. 
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Figure 6.1 Discrete dynamic model for the firehouse of Gilroy in the E-W direction. 
First mode Second mode Third mode 
Fourth mode Fifth mode Sixth mode 
8 --liJo 10 
1 3 5 
----. ~ 
Seventh mode Eighth mode Equivalent system 
(OOF = in-plane action) 
Figure 6.2 Schematic representation of the mode shapes for the fixed base 
discrete model of the firehouse of Gilroy in the E-W direction. 
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First mode Second mode 
Fourth mode Fifth mode 
Seventh mode Eighth mode 
Third mode 
Sixth mode 
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(DOF = in-plane action) 
Figure 6.3 Schematic representation of the mode shapes for the flexible base 
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Figure 6.4 Sensitivity of the nan,iral period of the discrete model with respect to the 
variability of the stiffnesses of the soil and the diaphragms (E-W direction). 
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Figure 6.5 Sensitivity of the natural period of the discrete model with respect to the 
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Figure 6.8 Sensitivity of peak a~lerations at the central wall and the south diaphragm 
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Figure 6.9 Sensitivity of maximum dynamic drifts at the central wall and the south 
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Figure 6.10 Sensitivity of peak a~lerations at the roof level predicted with the discrete 
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Figure 6.11 Sensitivity of maximum dynamic drifts predicted with the discrete model 
to the variability of 30% of the stiffnesses of the diaphragms (E-W). 
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Figure 6.12 Sensitivity of peak accelerations at the roof level predicted with the 
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Figure 6.13 Sensitivity of peak accelerations at the central wall and the south diaphragm 
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Figure 6.14 Sensitivity of maxim~m dynamic drifts predicted with the discrete model 
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Figure 6.15 Sensitivity of maximum dynamic drifts predicted for the central wall and 
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Figure 6.16 Effective damping fact,ors used for the sensitivity studies in the E-W direction 
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Figure 6.17 Effective Rayleigh damping factors obtained for the first seven modes of 
the discrete model which represents the best the dynamic response of the 
firehouse in the E-W direction, assuming 16.4% damping ratio for the first 
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Figure. 6.18 Effective Rayleigh damping factors obtained for the first seven modes of 
the discrete model whi~h represents the best the dynamic response of the 
firehouse in the E-W direction, assuming that the damping ratio is 16.4% 
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Figure 6.19 Sensitivity of the peak accelerations at the central wall and the south 
diaphragm to different damping assumptions (modal vs Rayleigh), for 
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Figure 6.20 Sensitivity of the maximum dynamic drifts at the central wall and the 
south diaphragm to different damping assumptions (modal vs Rayleigh), 
for an increment of 25 % of the stiffnesses of the diaphragms (E-W). 
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c) Predicted accelerograrn at the central wall at the roof level with the discrete model 
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e) Predicted accelerogram at the south diaphragm at the roof level with the discrete model 
Figure 6.21 Recorded vs predicted accelerations in the E-W direction. 
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Figure 6.22 Normalized Fourier amplitude spectra for the central wall (E-W) 
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, Figure 6.23 Normalized Fourler amplitude spectr'a for the south diaphragm (E-W). 
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Figure 6.25 Schematic representapon of the modes shapes for the fixed base discrete 
model of the firehouse of Gilroy in the N-S direction 
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Figure 6.26 Schematic representation of the modes shapes for the flexible base 
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Figure 6.27 Sensitivity of the na~ral period of the discrete model with respect to the 
variability of the stiffness of the soil and the diaphragms (N-S direction). 
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Figure 6.30 Sensitivity of peak accelerations at the roof level predicted with the discrete 
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Figure 6.32 Sensitivity of peak accelerations at the roof level predicted with the discrete 















0.27 O.SO 0.33 
Period (sec) 
01. '1all, O.7S 
l:l S. Diaphrapn. 0.751 
ow. 'Wall, 0.761 
o N. Diaphrqm, 0.751 
81. '1all, I 
AS. Diaphrqm. I 
lilY. Yall, I 
• N. Diaphrapl, I 
+ I. '1all, 1.251 
X S. Diaphrqm. 1.251 
X Y. 'Wall, 1.2!ii 
~ N. Diaphrqm, 1.25Z 
----A=O.~m 
0.S6 
Figure 6.33 Sensitivity of maximuI11 dynamic drifts at the roof level predicted with the 




















X 1.75"4' O.B 
V 1.75"4' 0.751 
01.751:4, 1.251 
0.36 
Figure 6.34 Effective damping factors used for the sensitivity studies in the N-S direction 
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Figure 6.35 Effective Rayleigh damping factors for the first four modes of the discrete 
model which represen~ the best the dynamic response of the firehouse in the 
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Figure 6.36 Sensitivity of peak accelerations at the roof level to different damping 
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Figure 6.37 Sensitivity of maximum dynamic drifts at the roof level to different damping 
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b) Recorded accelerogram at the south diaphragm at the roof level (Sensor 6) 
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FINI'fE ELEMENT ANALYSES 
Finite elements analyses of 2-D and 3-D models of the firehouse were primarily used 
to estimate stresses at the time of peak dynamic responses. Two-dimensional linear finite 
element models were used to identify in-plane and out-of-plane stress states at the walls 
at the time of peak dynamic responses predicted with the discrete MDOF dynamic models 
presented in Chapter 6. Three-dimensional linear finite element models are suggested to 
determine the dominant frequencies and visualize dominant modes shapes, as well as to 
define the peak dynamic stress states at the walls taking into account the three-dimensional 
effects, based upon the predicted acceleration with the discrete models at times of peak 
responses in both directions. 
7.1 Two-Dimensional (2-D) In-Plane Stress Analysis 
Two-dimensional isoparametric piane stress finite elements are used to identify shear and 
normal vertical stress conto~rs within the walls atthe times of maximum response (Figs. 
7.3 to 7.14). The element selected is the eight-noded, 2 dof per node quadratic serendipity 
plane stress element available in the finite element program POLO-FINTIE (Ref. 44). The 
element was chosen because of its quadratic formulation which reduces mesh refinement. 
The element has the capability to model irregularities under reasonable margins (comer 
angles can be within the range of 9(f ± Sf!, and elements with aspects ratios of 5 to 8 can 
be used without noticeable loose of accuracy). A reduced 2x2 Gauss numerical integration 
scheme was selected to improve the computed stresses in addition to the implicit 55% 
savings in the stiffness generation effort with respect to the exact 3x3 integration scheme 
(Ref. 44). 
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7.1.1 Distribution of Seismic and Grayitational Loads 
Static seismic analyses were performed in each orthogonal direction according to lateral 
force distributions based upon the predicted peak accelerations by the discrete models 
presented in Chapter 6. In order to improve the estimation of the critical seismic forces 
acting at each wall, the predicted peak accelerations with the discrete models were 
.. 
corrected using a scaling factor. The scaling factor in each direction was computed as the 
ratio between recorded and predicted accelerations in a given direction. Therefore, peak 
accelerations at the E-W running walls were corrected according to a scale factor of 1.22, 
which is the ratio between peak accelerations at the central wall at the roof level (recorded 
over predicted). Peak accelerations at the N-S running walls were scaled by an 
amplification factor of 1.02, which is the ratio between peak accelerations at the south 
diaphragm at the roof level in the N-S direction (recorded over predicted). The corrected 
peak acceleration and the critical seismic forces estimated from them are presented in 
Table 7.1. 
Table 7.1 Estimated peak accelerations & seismic forces at the walls for the 
2-D in-plane seismic analyses 
Wall Peak Acceleration (g) Seismic Force (kips) 
Roof 1st story Roof 1st story Base Shear 
South 0.47 0.33 75.4 55.8 131.1 
Central 0.41 0.30 85.4 66.2 151.6 
North 0.36 0.27 37.4 29.1 66.5 
East 0.31 0.18 73.3 43.6 116.8 
West 0.21 0.15 49.6 38.3 88.0 
The corrected acceleration distributions are also presented in Figs 7.1 and 7.2, where, in 
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addition, the critical loading direction is . identified. Walls running in the E-W direction 
were critically stressed when the loading was applied from west to east (Fig. 7.1), except 
the south wall, that because of its symmetric geometry and the symmetry of loading was 
equally stressed whether the load is applied from east to west or vice versa. In the N-S 
direction, the walls were critically stressed when the load was applied from north to sO'uth 
(Fig. 7.2). 
In the analyses, live and dead gravitational loads were also considered. Self weight of the 
walls was uniformly distributed within each element through a uniform body force 
formulation, while the tributary floor loads were uniformly distributed at each wall among 
the edges of the elements intersecting with each floor level (Ref. 44). 
7.1.2 Stiffness Considerations 
Young's moduli considered in the analyses were those which were defined with the discrete 
dynamic models to have the best correlation with the recorded responses. Therefore, for 
the south, central and north walls, the selected Young's modulus was 515 ksi, equal to 
the average modulus obtained from prisms tests, whereas for the east and west walls, a 
.' . 
Young's modulus of 386 ksi was selected, corresponding to 75% of the average value 
obtained from prism tests. 
7.1.3 Soil-Structure Interaction Considerations 
The dynamic response of the firehouse was best represented when soil-structure 
interaction effects were considered. Therefore, soil-structure interaction effects .was 
modeled by connecting the quadratic isoparametric plane stress elements that model the 
walls to elastic springs uniformly distributed at the base level by mean of transition rigid 
plane stress elements at the base ievel. The results obtained with this model were compared 
to those obtained when the walls were assumed to be fixed at the base. This is illustrated 
with the south wall in Figs. 7.~ fO 7.6. The shear stress contours for the south wall 
considering soil-structure interaction (Fig. 7.3) are almost identical to those obtained for 
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the fixed-base condition(Fig. 7.4), with the exception of the released stresses at the base 
level for the soil-structure interaction modeling. The magnitude and extension of the 
critical stress contours are similar. 
Identical observations can be made for the vertical normal stress contours (Figs. 7.5 and 
7.6). Peak stress values were slightly smaller when soil-:-structure interaction was 
considered. In light of the small differences between the distribution and magnitude of 
stress contours between the fixed-base model and the model which considers soil-structure 
interaction, it was felt that the refinement to include soil-structure interaction was 
unnecessary in this particular case study. Therefore, the stress contours in the walls of 
the firehouse could be evaluated conservatively with fixed-base models, as is suggested 
in the ATC 3-06 code commentary (Ref. 11). 
7.1.4 Allowable Code Stress Limits 
Allowable shear stresses and combined stress values defined before for different codes 
provisions (Chapter 4) and which were presented in Tables 4.2, 4.4 and 4.5, are rewritten 
in Table 7.2. These values were used to define the different stress contour regions in the 
analysis of the data obtained from the finite element analyses to have a better perspective. 
Suspected damaged zones according to each particular code can be identified by using 
this approach, as well as to correlate the observed damage with the regions predicted to 
experience high stress concentrations. Whenever possible, the shear stress contours regions 
were defined by all codes, unless higher stresses than those given by the code would have 
been identified (south wall). 
The stress contours limits defined by the ultimate shear stress criterion of the· ABK 
Methodology (Ref. 5) and the allowable shear stress criterion of the UCBC code (Ref. 
65) were considered for all walls because these codes are the current standards that apply 
for evaluation of old masonry con~truction. The ACI 530-88 (Ref. 10) allowable shear 
stress was also considered in all cases because it is an intermediate value between the 
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ABK and the UCBC code. The 1988 UBC (Refs. 39, 71) allowable average shear stress 
was not always considered because it is just slightly higher in absolute value than the 
maximum allowable shear stresses of the UCBC code, in addition of being an average 
stress criterion instead of a maximum stress criterion. 
The stress contour regions for the vertical normal stresses were defined to emphasize net 
tensile stress states. The 1988 VEC and the ACI 530-88 provisions were considered in 
lieu of provisions from the UCBC and the ABK Methodology for these purposes. 
Table 7.2 Estimated allowable shear and combined normal stresses by different 
codes for the different walls of the rIrehouse of Gilroy (psi) 
Allowable Shear stresses Normal stresses 
Wall UCBC UBC ACI ABK· ACI530-88 Both+ UBC 1988 
(max) (ave) (max) (max) Ft Fa Fb Ft Fa 
South 15. 20. 55. 81. O. 331. 437. 36. 265. 
Central 15. 19. 55. 78. O. 331. 437. 36. 265. 
North 12. 16. 
i 
. 55. 67. O . 331. 437. 36. 265. 
East 15. 19. 55. 79. O. 331. 437. 36. 265. 
West 13. 17. 55. 70. O. 331. 437. 36 . 265 
.. Ultimate shear strength criterion + ACI 530-88 and UBC 1988 
7.1.S Stress Analyses of Individual Walls 
Shear stress and vertical normal stress contours for each individual wall of the firehouse 
of Gilroy were determined according to Sections 7.1.1 to 7.1.4. Results of these analyses 
are discussed in following subsect~ons. 
f 
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7.1.5.1 South Wall 
The south wall was modeled with a mesh composed of 568 quadratic isoparametric plane 
stress elements (8 nodes, 2 dof/node) and 1,979 nodes. The mesh can be observed in Figs. 
7.3 to 7.6. A reduced 2x2 Gaussian integration scheme was selected to improve the 
estimates of the stresses. When soil-structure interaction effects were ·considered, an 
additional 56 deep beam rigid foundation elements, and a total of 104 elastic springs (57 
for the vertical degrees of freedom, 57 for the horizontal ones), were introduced in the 
modeling. The variations in the thickness of the wall due to architectural purposes (Figs. 
2.1 and 2.2) were included into the modeling. Young's modulus of the masonry was taken 
as 515 ksi according to the reasoning presented in Section 7.1.2. 
Equivalent seismic forces presented in Table 7.1 and illustrated in Fig. 7.1 were uniformly 
distributed along the edges of the elements that define the floor levels. Self weight of the 
masonry was introduced in all elements by a uniformly distributed body force (Ref. 44). 
Additional gravitational loads were also applied along the edges of the elements that define 
the floor levels. Because of the geometrical symmetry of the wall, the direction of the 
seismic load was not a major factor to consider in the stress analysis. However, the stress 
contours presented in Figs. 7.3 to 7.6 correspond to a seismic loading acting from west 
to east as il1ustrated in Fig. 7.1. A mirror image stress contours should be present if the 
seismic loading would have been considered to act from east to west. 
The stress contours for shear and vertical nQrmal stresses for the model which includes 
soil-structure interaction (Figs. 7.3 and 7.5) are almost identical to those obtained for the 
fixed-base condition (Figs. 7.4 and 7.6) in this particular case, as discussed earlier in 
Section 7.1.3. 
Shear stress contours are presented in Figs. 7.3 and 7.4. Eight contour levels were 
considered to evaluate the overap response of the wall according to different code 
provisions. Most of the target values that define the contour boundaries correspond to th~se 
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given by the UCBC, the ACI530-88, and the ABK Methodology, according to Table 7.2. 
An upper target value of 100 psi was introduced to identify the region where shear stresses 
were predicted to surpass the ultimate maximum shear capacity of the masonry wall, 
according to the ABK Methodology. 
The stress contours presented in Figs. 7.3 and 7.4 suggest that under the critical state of 
loading, the ultimate shear capacity of 81 psi of the south wall could have been surpassed 
primarily in a region between the extreme outer upper comers of the windows at the first 
floor and the outer windows of the second floor. A mild shear crack was observed at that 
location in the west side of the south wall. The contours also identify high shear stress 
concentrations in the upper comers of the outer windows at the second floor. Given the 
unrefinement of the mesh in the regions nearby openings, this information should be 
ignored. In general, the stress contours suggest that the south wall should have experienced 
some extent of damage in a relatively small wall extension according to the ultimate shear 
capacity criteria of the ABK Methodology. The wall was lightly damaged in one of the 
critical regions defined by the contours under the ABK Methodology criteria . 
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Taking as a parameter the maximum allowable shear stress of 55 psi computed according 
to the ACI 530-88 code guidelines, the stress contours of Figs. 7.3 and 7.4 define a larger 
affected area in the critical regions identified under the ABK criterion. In addition, the 
suspected damaged zones spread into the first story piers and to regions nearby the top 
of the central door opening and inner upper comer of the wide window openings at the 
. first floor. Some mild cracking was observed in the last region, however, no damage was 
observed at the first story piers during the field survey. 
If the maximum allowable shear stress of 15 psi of the UCBC is considered, then, the 
stress contours of Figs. 7.3 and 7.4 suggest that the wall should have experienced 
generalized and extensive shear dap-tage. All first story piers are identified to be in critical 
condition. In addition, wide over stressed wall zones are . identified at the region between 
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the first and second story openings, at the exterior piers at the second floor, and at the 
region above the window openings of the second floor. These over stressed zones with 
shear acting in the same direction of the loading (negative shear) are also identified under 
the UCBC criterion, especially at the top corners. Shear damage was observed in that region 
during field surveys. 
According to the damage observed during the field survey and the shear stress contours 
defined by different code criteria, it is felt that the maximum allowable shear criterion 
of the UCBC code is very conservative. The south wall presented a small amount of shear 
damage whereas the UCBC code predicted severe generalized damage. The ultimate shear 
strength criterion of the ABK Methodology has given a reasonable prediction of the 
observed damage for this case. The ACI provisions for allowable shear stresses, although 
intended for design of new construction rather than for evaluation of old structures, gave 
a reasonable prediction of the observed damage at the south wall also. 
Vertical normal stress contours are presented in Figs. 7.5 and 7.6. Target values were 
chosen to identify net tensile stresses and some allowable tensile and compressive stresses, 
according to Table 7.2. The 1988 UBC code allows a net tensile stress normal to the bed 
joint of 36 psi, and an allowable axial compressive stress of 265 psi. The ACI 530-88 
allows no net tensile stress, and an allowable axial compressive stress of 331 psi. Both 
codes specify an allowable compressive bending stress of 437 psi. 
It can be observed from stress contours of Figs. 7.5 and 7.6 that under the critical state 
of loading, net tensile stresses (AeI 530-88 criterion) are identified primarily in opposite 
corners of windows openings (left-top and right-bottom corners) at the second floor level, 
at the exterior side of the left pier at the first story, and at the exterior side of the right 
pier at the second story. Hair-pin tensile cracks (bending hinging) were observed at the 
top and bottom of the piers betwee~ the second story window openings. No further damage 
caused by net tensile stresses was observed. 
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If the UBC allowable tensile stress normal to the bed joints for masonry of 36 psi is 
considered, the critical identified regions in Figs. 7.5 and 7.6 are less spread. High tensile 
stresses up to 240 psi are identified at the corners of windows openings, however, they 
should be disregarded because the mesh is too coarse nearby the openings to estimate 
peak stress values correctly. The modulus of rupture of the brick was estimated as 260 
psi during the brick tests (Section 2.3.1). 
The south wall was primarily under compression. The compressive stresses were mostly 
within the allowable limits. The relatively high compressive stresses up to 700 psi located 
at the inner edges of windows and door openings at the first floor should be disregarded 
since the mesh is very coarse at that region. Itl any case, L,e average compressive strength 
of the masonry prisms tested of 1325 psi was much higher. 
7.1.S.2 Central Wall 
The central wall was modeled with a mesh composed of 646 quadratic isoparametric plane 
stress elements (S nodes, 2 dof/nqde) and 2,072 nodes. The mesh can be observed in Figs . 
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7.7 and 7.S. Young's modulus of the masonry was taken as 515 ksi according to the 
reasoning presented in Section 7.1.2. 
Equivalent seismic forces presented in Table 7.1 and illustrated in Fig. 7.1 were uniformly 
distributed along the edges of the elements that define the floor levels. Critical stress 
contours were defined when the lateral loading was applied from west to east (left to right 
in the figures). 
Shear stress contours are presented in Fig. 7.7. Eight contour levels were considered to 
evaluate the overall response of the wall according to different code provisions. The target 
g 
values that define the contour boundaries correspond to those given by the provisions of 
the UCBC code, the 1988 UBC c~de, the ACI 530-88 code, and the ABK Methodology, 
according to Table 7.2. 
175 
The stress contours presented in Fig. 7.7 suggest that under the critical state of loading, 
the ultimate shear capacity of 78 psi of the central wall would have not been reached. 
Therefore, the stress contours suggest that the central wall should have not experienced 
damage according to the ultimate shear capacity criterion of the ABK Methodology. No 
shear damage was observed at this wall. 
Taking as a parameter the maximum allowable shear stress of 55 psi computed according 
to the ACI 530-88 code guidelines, the stress contours of Fig. 7.7 define an affected area 
between the openings of the first and second floors. The average allowable shear stresses 
of the 1988 UBC code identify a widespread over stressed zone that comprehends both 
piers at the first story level and, in general, most of the wall. The identified zone by the 
UBe code further spreads under the UeBe criterion. Since no damage was observed at 
the central wall, the stress analysis also suggest that both the UBC and the UCBC allowable 
shear stress criteria are very conservative. On the other hand, the ultimate shear strength 
criterion of the ABK Methodology has given a reasonable prediction of the observed 
damage for this case. The ACI provisions for allowable shear stresses had a reasonable 
estimation of the overall state Ofi the central wall despite the fact that damage was not 
observed in the identified over stressed region under the criterion of this code. 
Vertical normal stress contours are presented in Fig. 7.8. The target values were chosen 
to identify net tensile stresses and to identify some allowable tensile and compressive 
stresses code criteria, according to Table 7.2. 
It can be observed from stress contours of Fig. ·7.8 that under the critical state of loading, 
some net tensile stresses CAeI 530-88 criterion) are identified primarily at opposite comers 
of the door opening (left-top and right-bottom comers), at the second floor level and at 
the left side of the left and right piers at the first story. No damage was observed at the 
central wall. 
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If the UBe allowable tensile strength normal to the bed joints for masonry of 36 psi is 
considered, the identified regions in Fig. 7.8 are less spread. The higher tensile stresses 
are concentrated at the corners and they should be disregarded because the mesh is too 
coarse to accurately estimate stresses in those zones. The central wall was primarily under 
compression and within the allowable limits. 
7.1.5.3 North Wall 
The north wall was modeled with a mesh composed of 566 quadratic isoparametric plane 
stress elements and 1,852 nodes. The mesh can be observed in Figs. 7.9 and 7.10. Young's 
modulus of the masonry was taken as 515 ksi (Section 7.1.2). 
Equivalent seismic forces presented in Table 7.1 and illustrated in Fig. 7.1 were uniformly 
distributed along the edges of the elements that define the floor levels. Critical stress 
contours were defined when the lateral loading was applied from west to east. 
Shear stress contours are presented in Fig. 7.9. All target values that define the contour 
boundaries correspond to those given by the UCBC, the UBC 1988, the ACI 530-88, and 
the ABK Methodology (Table 7.2). 
Stress contours presented in Fig. 7.9 suggest that under the critical state of loading, the 
ultimate shear capacity of 67 psi of the north wall would have not been reached. In fact, 
the ACI 530-88 maximum allowable shear stress of 55 psi is not surpassed also. Therefore, 
stress contours suggest that the north wall should have not experienced damage according 
to the ultimate shear capacity criterion of the ABK Methodology and the allowable stress 
criterion of the ACI 530-88 code . No shear damage was observed at this wall. 
The average allowable shear stresses of the 1988 UBC code identify in Fig. 7.9 a somewhat 
extended over stressed zone at the wider piers between window openings at the second 
story, which spreads in some extent to the first story wall. The identified zone by the UBC 
code is considerably widen under ~e DeBC criterion. A rather large over stressed zone 
is identified at the first story wall. Since no damage was observed at the north wall, the 
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stress analysis also suggest that both the UBC at:ld the UCBe allowable shear stress criteria 
are very conservative. On the other hand, the ultimate shear strength criterion of the ABK 
Methodology and the ACI provisions for allowable shear stresses have given reasonable 
predictions of the observed damage for this case. 
Vertical normal stress contours are presented in Fig. 7.10. Target values were chosen to 
identify net tensile stresses and to identify some allowable tensile and compressive stresses, 
according to Table 7.2. 
It can be observed from stress contours of Fig. 7.10 that under the critical state of loading, 
some net tensile stresses CACI 530-88 criterion) are identified primarily at opposite corners 
of window openings (left-top and right-bottom comers) at the second floor level, as it 
has been previously observed at other walls. No damage was present at the north wall 
because of net tensile stresses. If the allowable tensile strength normal to the bed joints 
for masonry of 36 psi given by the UBC code is considered, no over stressed area is 
identified. The north wall was primarily subjected to compressive stresses within the 
allowable limits. 
7.1.5.4 East Wall 
The east wall was modeled with a mesh composed of 932 quadratic isoparametric plane 
stress elements and 3,151 nodes. The mesh can be observed in Figs. 7.11 and 7.12. Young's 
modulus of the masonry was taken as 386 ksi (75% of the average value estimated from 
the prisms test, Section 7.1.2). 
Equivalent seismic forces presented in Table 7.1 and illustrated in Fig. 7.2 were uniformly 
distributed along the edges of the elements that define the floor levels. Critical stress 
contours were ~.~fined when the lateral loading was applied from north to south. 
Shear stress contours are presented jin Fig. 7.11. Most target values that define the contour 
boundaries correspond to those prescribed by the UCBe, the ACI 530-88, and the ABK 
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Methodology (Table 7.2). An upper limit of 100 psi was included to identify regions where 
the maximum shear strength capacity may have been surpassed. 
Stress contours presented in Fig. 7.11 suggest that under the critical state of loading, the 
ultimate shear capacity of 79 psi of the east wall would have been surpassed only at the 
left comer of the wide window opening located in the left side of the figure. Because the 
mesh is not refined enough to estimate accurately stresses nearby the comers, this over 
stressed region shall be ignored. The ACI 530-88 maximum allowable shear stress of 55 
psi is not surpassed also. Therefore, stress contours suggest that the east wall should have 
not experienced damage according to the ultimate shear capacity criterion of the ABK 
Methodology and the allowable stress criterion of the ACI 530-88 code. The east wall 
remained essentially undamaged. Both the ACI and the ABK Methodology shear stress 
criteria correlate well with the observed damage. 
The average allowable shear stresses of the UCBC identify in Fig. 7.11 a generalized and 
extensive over stressed zone, primarily between openings at both story levels. Only a very 
light shear damage was observed i (hair-pin) near the north side of the wall at the second 
story level (left side in the figures). The stress analysis of the east wall also suggests that 
the UCBC allowable shear stress criterion is conservative. 
Vertical normal stress contours are presented in Fig. 7.12. Target values were chosen to 
identify net tensile stresses and some allowable tensile and compressive stresses, according 
to Table 7.2. 
It can be observed from stress contours of Fig. 7.12 that under the critical state of loading, 
some net tensile stresses CACI 530-88 criterion) are identified primarily at opposite comers 
of window openings right-top and left-bottom comers) at the second floor level, as it has 
been previously observed at other /walls. No damage was present at the east wall due to 
net tensile stresses. H the UBC allowable tensile stress normal to the bed joints for masonry 
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of 36 psi is considered, no over stressed regions are identified. The east wall was primarily 
subjected to compressive stresses within the allowable limits as the north wall was. 
7.1.5.5 West Wall 
The west wall was modeled with a mesh of 1,045 quadratic isoparametric plane stress 
elements and 3,324 nodes. The mesh can be observed in Figs. 7.13 and 7.14. Young's 
modulus of the masonry was taken as 386 ksi (Section 7.1.2). 
Equivalent seismic forces presented in Table 7.1 and illustrated in Fig. 7.2 were uniformly 
distributed along L,e edges of L,e elements that define the floor levels. Critical stress 
contours were defined when the lateral loading was applied from north to south. 
Shear stress contours are presented in Fig. 7.13. Target contour values correspond to those 
given by the UCBC, the 1988 UBC, the ACI 530-88, and the ABK Methodology (Table 
7.2). 
Stress contours presented in Fig. ;7.13 suggest that under the critical state of loading, the 
ultimate shear capacity of 70 psi of the wall would have not been exceeded. The ACI 
530-88 maximum allowable shear stress of 55 psi is not surpassed also. Therefore, stress 
contours suggest that the west wall should have not experienced damage according to the 
ultimate shear capacity criterion of the ABK Methodology and the allowable stress criterion 
of the ACI 530-88 code. The west wall remained undamaged during the earthquake. Both 
the ACI and the ABK Methodology shear stress criteria correlate well with what was 
observed in the field. 
The average allowable shear stress of the UBC is only exceeded at the south corner of 
the wall at the:,base level and at the comers of the windows openings. The UCBC shear 
stress limit identify a more extensjve over stressed zone, primarily in a strip at the first 
story level. No damage was observed at this wall. The stress analysis of the west wall also 
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suggests that the allowable shear stress criteria of the UBC and UCBC codes are over 
conservative. 
Vertical normal stress contours are presented in Fig. 7.14. It can be observed from the 
stress contours that under the critical state of loading, practically no net tensile stresses 
are identified. The west wall was subjected to compressive stresses within the allowable 
code limits also. 
7.1.6 Summary 
In-plane finite element analyses of all walls of the firehouse were performed to correlate 
the critical shear and vertical normal stress contours according to different code 
specifications with the observed damage. The correlation obtained with specifications 
intended for evaluation of unreinforced masonry buildings such as the UCBC code and 
the ABK Methodology are' of primordial interest. 
it has been found from the study of each wall that the UCBe provision for allowable 
maximum shear stresses had a poor correlation with the observed damage. According to 
the UCBe provision, the firehou~e should have experienced extensive shear damage, yet 
the structure remained es~entially undamaged, having minor shear cracking almost 
exclusively at the south wall. Therefore, the UCBC allowable shear stress provisions seem 
to be very conservative. On the other hand, the ABK Methodology criterion for ultimate 
shear strength correlated well with the observed response of each wall. 
Specifications intended for design of new construction rather than for evaluation of old 
structures (ACI 530-88 and 1988 UBC codes) had contrasting results also. The ACI 530-88 
specification provided reasonable insights regarding the critical over stressed areas for 
shear suspected to be damaged, whereas the 1988 UBC criterion seems to be conservative. 
Resuits obtained from the finite element analyses regarding shear stresseS confirmed what 
it was initially concluded with respect to the different code provisions in the preliminary 
stress estimations (Section 4.3). 
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The south wall was the highest stressed wall both in shear and flexure. The identified over 
stressed regions. in shear correlate well with the observed shear cracking at the wall. 
Therefore, an elastic model seemed to have been sufficient to reasonably evaluate critical 
stresses in the unreinforced masonry walls of the firehouse. In addition, peak stresses 
acting in most walls were below the shear strength of 85 psi determined by the in-place 
shear test, which help rationalize why most masonry did not crack. 
Most walls were predicted to have a few and narrow regions under net tensile stresses, 
however, these regions were mostly localized at the comers of openings, where the finite 
element meshes were too coarse to have an accurate estimate of the stresses. The walls 
were primarily subjected to compression. 
Finally, the stress contours obtained considering soil-structure interaction were almost 
identical to those obtained for the fixed-base condition, with the exception of the released 
stresses at the base level for the soil-structure interaction modeling. The magnitude and 
extension of the critical stress contours are similar. In light of the small differences between 
the distribution and magnitude of stress contours between the fixed-base model and the 
model which considers soil-structure interaction, it was felt that the refinement to include 
soil-structure interaction w~s unnecessary in the study of the stress distributions due to 
in-plane action for the different walls of the firehouse. 
7.2 Out-of-Plane Stress Analysis 
Horizontal normal stresses caused by the out-of-plane pushing action of the diaphragms 
and the walls perpendicular to the wall under consideration were studied using finite 
elements. The south and the east walls were the only ones studied for out-of-plane bending 
because they were the weaker walls of the firehouse in each direction .. The study of the 
south and east walls should proy-ide an insight of the response of the walls due· to 
out-of-plane action. 
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Out-of-plane stresses were determined by imposing to each wall under study the corrected 
.predicted in-plane displacements obtained from the discrete models (Chapter 6) at the 
center of the diaphragms and at the walls running in the perpendicular direction at the 
time where the peak displacement was obtained. Therefore, for the south wall the predicted 
and corrected displacements obtained from the discrete model in the N-S direction (t = 
5.45 seconds) were imposed to the nodes which represent the intersection of the discrete 
masses of the N-S modeling in the south wall. 
In the same fashion, for the east wall the predicted and corrected displacements obtained 
from the E-W discrete modeling (t = 4.67 seconds) were imposed to those walls. The 
predicted displacements with the discrete model were normalized in order that the 
predicted maximum dynamic drift (imposed peak displacement) would have corresponded 
to the maximum dynamic drift computed from the recorded motions. Therefore, the 
imposed displacements for the east wall (E-W direction) were reduced by 23% and the 
imposed displacements for the south wall (N-S direction) were reduced by 58%. These 
percentages correspond to the identified overshooting of the predicted maximum dynamic 
drifts of the south diaphragm ati the roof level with the discrete models in the E-Wand 
N-S directions respectively. The corrected out-of-plane imposed displacements this way 
computed are presented in Table 7.3. 
Standard isoparametric quadratic shell elements were used to determine out-of -plane 
stress distributions instead of the more traditional plate bending elements, given the 
conditions of the problem. Irregularities in the geometry of walls and openings which would 
require trapezoidal elements in the mesh cannot be modeled 'Yith the linear rectangular 
plate bending element available in POLO-FINITE (Ref. 44), for example, in the south 
wall, because these elements should be nearly rectangular ~n order to work properly. In 
favor of having ~ common element to use in the analyses of all walls, a quadratic 
eight-noded, 6-dof-per-node i~oparametric shell element available in program 
POLO-FINITE was used to study the out-of-plane stresses. 
183 
Table 7.3 Imposed and corrected out-of-plane displacements (inches) to the 
south and east walls at the times that maximum drifts were experienced 
South Wall (t = 5.45 seconds) East Wall (t= 4.67 seconds) 
Intersection with First Floor Roof Intersection with First Floor Roof 
East Wall 0.09 0.14 South Wall 0.48 0.69 
S. Diaphragm III 0.31 0.40 S. Diaphragm .. 1.03 1.30 
West Wall 0.07 0.10 Central Wall 0.42 0.57 
III Center of the diaphragm N. Diaphragm .. 0.50 0.65 
North Wall 0.40 0.53 
The soil-foundation system was modeled with rigid beam elements connected to vertical 
and horizontal springs in the direction of the out-of-plane displacements. The stiffness 
of the springs elements was defined according to the ATe 3-06 specifications (Ref. 11). 
The generalized stiffnesses (vertical and horizontal) computed for each individual spread 
footing was uniformly distributed among the spring elements connected to the rigidly based 
foundation. 
7.2.1 South Wall 
The south wall was modeled with 568 quadratic isoparametric shell elements (8 nodes, 
6-dof-per-node), 56 rigid beam elements, 104 spring elements (57 vertical and 57 
horizontal acting in the out-of-plane direction) and 1,979 nodes. Horizontal degrees of 
freedom at the base in the plane of the wall (x direction, Fig. 7.15) were constrained as 
well as all rotations at the base. 
The out-of-plane action was studied by imposing the predicted and corrected 
displacements for the east and we~t walls and the center of the south diaphragm by the 
N-S discrete dynamic model at the time where the maximum dynamic drift at the N-S 
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direction was computed (t = 5.45 seconds), to the nodes representing the intersections of 
these elements with the south wall. Self weight of the masonry walls was also considered. 
Young's modulus of the masonry was taken ·as 515 ksi. The imposed displacements are 
presented in Table 7.3. 
The computed deflected out-of-plane shape of the south wall under these imposed 
deformations is presented in Fig. 7.15, where a frame of reference is offered to help 
visualize the out-of-plane deformations. It can be observed that the east wall (right edge 
deformation) imposes higher out-of-plane deformations to the south wall than the west 
wall (left edge deformation) and that the highest out-of-plane deformations are 
experienced at the center of the wall due to the diaphragm pushing. The displacements 
at the base are uniform because the foundation was assumed to behave as a rigid body. 
The horizontal normal stress contours obtained from the out-of-plane finite element 
analysis under these imposed deformations are presented in Fig. 7.16. Contours values 
were selected to highlight net tensile stress states. The 1988 UBC code specifies an 
allowable tensile stress of 72 psi for flexural tension normal to the head joints. Tensile 
i 
stresses exceeding the UBC allowable stress were located at the center of the south wall 
below the central window opening at the second floor. The highest tensile stresses were 
found nearby the intersection of the wall with the center of the diaphragm at the first story. 
The identified over stressed region was narrow. No cracking under this condition was 
observed in the south wall. Although most of the central part of the south wall was subjected 
to tensile stresses due to the out-of-plane imposed deformations, the magnitude of these 
stresses was generally lower than the allowable tensile stress prescribed by the UBC code. 
Therefore, the south wall was expected to present very little or no damage under 
out-of-plane deformations. An effective connection between the walls and the diaphragms 
may have contributed to an adequate performance of the waIls under out-of-plane loading. 
The walls were well tied to the diaphragms as it can be observed in the connection details 
presented in Figs. 2.4. 
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7.2.2 East Wall 
The east wall was modeled with 932 quadratic isoparametric. shell elements (8 nodes, 
6-dof-per-node), 72 rigid beam elements, 148 spring elements (74 vertical and 74 
horizontal acting in the out-of-plane direction), and 3,151 nodes. Horizontal degrees of 
freedom at the base in the plane of the wall (x direction, Fig. 7.17) were constrained as 
well as all rotations at the base. 
The out-of-plane action was studied by imposing the predicted and corrected 
displacements for the south, central and north walls and the center of the both diaphragms 
by the E-W discrete dynamic model at the time where the maximum dynamic drift at the 
N-S direction was computed (t = 4.67 seconds), to the nodes representing the intersections 
of these elements with the east wall. Self weight of the masonry walls was also considered. 
Young's modulus of the masonry was taken as 386 ksi. The imposed displacements are 
presented in Table 7.3. 
The computed deflected out-of-plane shape of the east wall under these imposed 
deformations is presented in Fig. 7.17, where a frame of reference is offered to help 
visualize the out-of-plane deformations. It can be observed that the south wall (right edge 
deformation) imposes higher out-of-plane deformations to the east wall than the north 
wall (left edge deformation), and than the central wall. The highest out-of-plane 
deformations are imposed to the wall by the south diaphragm pushing. The displacements 
at the base are uniform because the foundation was assumed to behave as a rigid body. 
The horizontal normal stress contours obtained from the out-of-plane finite element 
analysis under these imposed deformations are presented in Fig. 7~18. Contours values 
were selected to highlight net tensile stress states. An allowable tensile stress of 72 psi 
for flexural tension normal to the head joints is specified by the 1988 UBC code. Tensile 
stresses exceeding the allowable stt;ess of the UBC code were suggested to be located at 
the intersection of the central wall with the east wall at the roof level. The identified over 
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stressed region was not very extended. No cracking caused by net tensile stresses was 
observed at the wall. Most of the east wall was subjected to compressive stresses or net 
tensile stresses which magnitude was lower than the allowable stress prescribed by the 
UBC code. Therefore, the east wall was expected to present little or no damage under 
out-of-plane deformations, despite the fact that these deformations were up to 3 times 
higher than those imposed in the south wall (Table 7.3). As noticed for the south wall, 
an effective connection between the walls and the diaphragms (Fig. 2.4) may be responsible 
for the good performance of the east wall under out-of-plane loading. 
7.2.3 Summary 
Horizontal normal stress states at the walls of the firehouse caused by out-of-plane 
pushing of the diaphragms and walls running in the perpendicular direction were estimated 
imposing the pred.icted and corrected in-plane displacements of the elements running in 
the perpendicular direction into a finite element model of the wall under study. Self weight 
of the walls was considered as well as soil-structure interaction. 
Despite of the magnitude of the iimposed out-of-plane deformations, the identified over 
stressed regions were reduced and the walls were predicted to stand these out-of-plane 
deformations essentially with little or no damage. No damage under out-of-plane bending 
stresses was observed in any of the walls of the firehouse. Therefore, the out-of-plane 
analyses correlated reasonably well with the observed response. An effective connection 
between the walls and the diaphragms may be responsible for the adequate performance 
of the walls under out-of-plane loading. 
7.3 Three-Dimensional (3-D) Frequency and Stress Analyses 
A finite element model was used to obtain the frequency and modes shapes of the complete 
3-D structure, to study torsional~ffects, and to define critical stress states at times of 
peak dynamic responses considering the 3-D behavior of the structure. Three different 
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sets of seismic analyses were carried out for this purpose: a) Response spectra seismic 
analysis; b) Modal time-step integration seismic analysis; and, c) Quasi-dynamic seismic 
analysis. The 3-D finite element modeling and the set of analyses carried out are described 
and discussed in the following sections. 
7.3.1 3-D Finite Element Mesh 
The firehouse was modeled using quadratic eight-noded, 6-dof-per-node, reduced 
integration isoparametric shell elements. The finite element program ABAQUS (Ref. 37) 
was selected because it was necessary to have available 3-D finite elements capable of 
modeling orthotropic material behavior, as it is the case of the plywood diaphragms of 
the firehouse. In addition, the shell element selected for the analysis from ABAQUS library 
(S8R, Ref. 37), can be used either as a thick shell or as a thin shell element because of 
its formulation, hence, it was used to model both the walls and the diaphragms. Besides, 
ABAQUS uses a wavefront equation solver that is memory wise more efficient than the 
half-bandwidth criterion of POLO-FINITE (Ref. 44). 
A total of 5,584 nodes and 1,825 shell elements were used to model the firehouse, where 
882 shell elements were used to model the walls and 943 to model the first floor and roof 
diaphragms. A total of 522 springs elements (174 in each translational direction) connected 
to the nodes at the foundation level were used to model soil-structure interaction effects. 
The rotational DOF of the nodes at the foundation level were unconstrained. The southeast 
view of the designed finite element mesh is presented in Fig. 7.19, where the springs and 
many shell elements are hidden in light of clarity. 
The shell elements modeling the walls were defined as elastic.-isotropic materials. For the 
south, central and north walls, Young's modulus was defined as 515 ksi whereas for the 
east and west walls, Young's mod~lus was taken as 386 ksi, according to the knowledge 
gained from the discrete MDOF dynamic modeling of the structure. Poisson ratio of the 
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masonry was taken as 0.25. Self weight of the masonry was considered through a consistent 
mass formulation. 
The diaphragms were represented with shell elements defined through an orthotropic 
material formulation. Transverse shear moduli in the east-west and north south direction 
were defined according to the knowledge gained from the N.IDOF dynamic model as well. 
Through-the-thickness shear modulus was defined according to the nominal values 
suggested in the literature (Refs. 34, 75). Equivalent Young's modulus in each direction 
were obtained in order to consider the contribution of the joists to the bending stiffness 
of the diaphragm system. Self weight and dead load acting in the diaphragms were 
considered through a consistent mass formulation. Openings at the diaphragms such as 
the stairs case, fireman's pole, and hatches were included in the modeling as it can be 
observed in Fig. 7.19. 
The stiffnesses of the translational springs were initially defined in complete agreement 
with the assumptions made for the N.IDOF discrete dynamic models which obtained the 
best correlation in the E-Wand N-S direction, as presented in Chapter 6. These stiffnesses 
i 
were later adjusted in both directions in order to match the natural periods of the structure 
in both directions. The values of the average shear modulus of the soil beneath the 
foundation needed to match these periods were 0.95 Gi for the springs acting in the E-W 
direction (x direction, Fig. 7.19) and 1.10 G; for the springs acting in the N-S direction 
(z direction, Fig. 7.19). The stiffnesses of the vertical springs were defined according to 
the average shear modulus of the soil beneath the foundation considered for the direction 
where the footings which these springs represent were acting (0.95 Gj in the E-W direction 
and 1.100i for the springs acting in the N-S direction). 
The total mass in each translational direction computed by ABAQUS was 2765 Ib-sec2/in 
(total weight of 1068 kips). The computed center of mass of the structure was, defined 
189 
according to the set of axes presented in Fig. 7.19, x = 231.5 in, y = 191.7 in, z = 387.5 
in. The geometric centroid of the structure was x = 240.5 in, y = 175.5 in, z = 374.5 in. 
7.3.2 Frequency Analysis 
Frequency analyses of the 3-D finite element mesh described in Section 7.3.1 were 
performed to identify dominant modes of response and to determine the minimum number 
of mode shapes to consider for the response spectra analysis (Section 7.3.3) . A subspace 
iteration algorithm is used by ABAQUS to solve the eigenvalue problem. A total of 32 
iteration vectors were considered to determine the first 20 modes of vibration. The analyses 
were carried out on a Convex C240 mainframe. The total CPU time required to obtain 
the first 20 modes of vibration was 7001 seconds' (1hS6'41 ")" 
As stated in Section 7.3.1, the stiffnesses of the translational springs were adjusted in order 
to match as clos'e as possible the identified natural frequencies of the structure in both 
directions. The results of the frequency analysis are summarized in Table 7.4, where the 
computed periods and the associated translational modal masses for each computed mode 
are given (rotational masses are not presented). 
It can be inferred from the associated modal masses summarized in Table 7.4 that the 
global first mode shape of the structure corresponds to the first translational mode shape 
in the E-W direction eX direction). The associated modal mass for this mode in the E-W 
direction corresponds to 84.5% of the total modal mass in this direction. The global fir~t 
mode shape is shown in Fig. 7.20. The mode is characterized by the evident out-of-plane 
pushing of the south diaphragm to the east and west walls. Diaphragm action is therefore 
dominant. The information provided by Fig 7.20 and Table 7.4 correlated well with what 
it was suggested by the simpler discrete :rvmOF dynamic analyses presented in Section 
6.2. The computed natural period pf the 3-D finite element mesh in the E-W direction 
was 0.45 seconds. 
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Table 7.4 Computed mode shapes for the 3-D model of the fIrehouse (Fig. 7.19) 
Associated Modal Mass (Ib-sec2 lin) 
Mode Period (sec) X direction Y direction Z direction 
1 0.451 2335.2 0.0 0.6 
2 0.329 207.7 0.5 19.3 
3 0.324 8.4 0.3 1923.5 
4 0.247 64.6 0.1 1.5 
5 0.206 0.0 32.1 2.0 
6 0.200 9.0 279.7 0.4 
7 0.199 8.2 303.0 14.2 
8 0.185 45.4 0.2 3.8 
9 0.184 1.4 224.2 16.4 
10 0.170 0.3 527.0 1.6 
11 0.163 0.3 383.5 28.0 
.' 
12 0.135 14.7 406.5 114.0 
13 0.130 20.2 322.1 31.4 
14 0.128 1.0 6.6 0.4 
15 0.124 1.0 67.9 2.0 
16 0.114 4.2 17.0 2.5 
17 0.111 0.1 107.3 417.6 
18 0.106 11.5 0.0 3.8 
19 0.103 0.9 0.3 1.8 
20 0.098 8.0 5.5 2.4 
Sum 2741.9 2683.8 2583.5 
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The global second mode shape is presented in Fig. 7.21. This mode is primarily 
characterized by important rotational components with respect to the Y and Z axes, and 
a translational component in the X direction (E-W). This second mode shape defines a 
torsional component which influence is diminished by the flexibility of the diaphragms, 
as suggested by Fig. 7.21 and the relatively low associated modal masses in the Z and 
X direction presented in Table 7.4 (0.7% and 7.5% of the total modal mass in those given 
direction respectively). 
The global third mode shape corresponds to the first translational mode shape in the N-S 
direction. This mode is presented in Fig. 7.22. The mode is characterized by the diaphragm 
action, also in agreement wi~ Section 6.2. The associated modal mass for this mode in 
the N-S direction corresponds to 69.6% of the total modal mass in this direction. The 
computed natural period of the 3-D finite element in the N-S direction was 0.324 seconds, 
having a close correlation with the identified natural period of 0.325 seconds for the 
firehouse in this direction. It is interesting to highlight that the 'period of vibration of this 
translational mode is v~ry close spaced to the period of vibration of the torsional mode 
(Table 7.4). 
Higher modes have negligible contributions to the response of the structure in the E-W 
direction, but some of them are important to the response of the structure in the N-S 
direction (modes 12 and 17, where the associated modal masses correspond to 4.1 % and 
15.1 % of the total modal mass in this direction respectively), and others to excite the 
response of the structure in the vertical direction (modes 6,7,9,10,11,12,13 and 17, 
with associated modal masses corresponding to 10.1%, 11.0%, 8.1%, 19.1%, 13.9%, 
14.7%, 11.6% and 3.9% of the total mass in the Y direction respectively). The remaining 
modes of vibration are characterized by more significant rotational components rather than 
translational (modes 4, 5, 8, 14, 15, 16, 18, 19 and 20). The global fourth mode shape 
is presented in Fig. 7.23. 
192 
7.3.3 Response Spectra Seismic Analysis 
The 3-D finite element mesh presented in Fig. 7.19 is coarse for estimating stress values 
quantitatively, however, it is felt adequate for defining qualitative stress contours. A 
response spectra seismic analysis was performed to estimate peak shear stress contours 
and to compare these contours with other 3-D seismic analyses approaches (modal 
time-step integration and quasi-dynamic analyses), and with the more simplified 
equivalent static 2-D approach based upon the discrete :MDOF model (Section 7.1). 
The first 17 modes of vibration presented in Table 7.4 would have been sufficient to have 
at least 90% of the modal mass in each direction participating in the analysis, according 
to the 1988 UBC code and the NEHRP provisions (Refs. 39 and 53 respectively). However, 
the first 20 modes of vibration summarized in Table 7.4 were used in the response spectra 
;' 
analysis in order to save computational effort by using the restarting capabilities of 
ABAQUS (Ref. 37). The associated modal masses in each direction were then 99.2% of 
the total for the E-W direction, 93.4% for the N-S direction, and 97.0% for the vertical 
direction. 
Absolute acceleration response spectra for the three ground motions (sensors 1 to 3, Fig. 
3.1) were specified for 10, 15, 20, 30 and 40% viscous damping ratios in a frequency range 
of 1 Hz to 12 Hz (period range from 1.000 to 0.083 seconds). The effective damping ratios 
considered for each mode are presented in Table 7.5. 
ABAQUS performs a linear interpolation between the defined spectral curves in case that 
intermediate damping ratios are defined for the analysis. The damping ratios for the first 
and third modes are those. used in the discrete MDOF dynamic model with the best 
correlation in the E-Wand N-S direction respectively (Section 6.2). As a practical 
assumption, damping ratios for higher modes were arbitrarily increased in a step sequence. 
Modal participation factors were combined using the square root of the sum of the squares 
procedure (SRSS). 
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Table 7.5 Effective damping ratios considered for the response spectra and modal 
time-step integration analyses (%) 
Mode Damping Ratio Mode Damping Ratio 
1 16.4 11 35.0 
2 20.0 12 35.0 
3 12.0 13 35.0 
4 25.0 14 35.0 
5 25.0 15 35.0 
6 25.0 16 40.0 
7 30.0 17 40.0 
8 30.0 18 40.0 
9 '30.0 19 40.0 
10 30.0 20 40.0 
The analysis was carried out on a Convex C240 mainframe and required and additional 
712 seconds (11 '52") of CPU time beyond the frequency analysis. Therefore, the total 
CPU time required to perform a response spectra analysis considering the first 20 modes 
of response was 7713 seconds (2h8'33"). 
Shear stress contours obtained from this analysis are presented in Figs. 7.24 to 7.29. The 
shear stress contours for the southeast view of the firehouse (south wall, east wall, and 
the roof) are shown in Fig. 7.24. Contours values correspond to those limits prescribed 
to the south wall by different masonry code provisions summarized in Table 7.2, Section .. '·1 
7.1.4. Shear stresses in excess of the ultimate shear capacity of 81 psi prescribed by the 
ABK Methodology were confined to very localized regions of the walls. Shear stresses in 
the diaphragms at the roof level were not in excess of 100 psi, well below the allowable 
shear stress for plywood which vary from 200 psi to 250 psi depending on the quality of 




Shear stress contours for the south wall under this analysis (Fig. 7.25) tended to agree 
with those obtained from the equivalent static 2-D analysis in a more refined mesh (Figs. 
7.3 and 7.4), especially at the base piers. The magnitude of the stresses was higher under 
the response spectra analysis. The south wall was expected to suffer little or no shear 
damage at the base piers levels according to the response spectra analysis. 
Similar observations can be made for the shear stress contours obtaiI1:ed for the central 
wall (Fig. 7.26) when compared with those obtained from the 2-D static analysis (Fig. 
7.7). Contours tended to agree although the stress magnitudes from the response spectra 
analysis were higher than those obtained from the static analysis. The highly stressed areas 
were localized at the extreme regions of the base piers (Fig. ~.26). Stresses higher than 
the ultimate shear capacity of 78 psi computed for the ABK Methodology criterion were 
not encountered. Therefore, no shear damage was exp~cted at the central wall under this 
criterion. 
The information provided by the shear stress contours for the north wall obtained from 
the response spectra analysis (Fig. 7.27) is somewhat different of what it was obtained 
from the 2-D static analysis (Fig. 7.9). Not only the stresses obtained from the response 
spectra analysis were higher but also the location of the highly stressed zones differed. 
In any event, the ultimate shear capacity of 67 psi computed from the ABK Methodology 
was not surpassed, thus, no damage was expected at this wall under this analysis. 
The shear stress contours for the east wall obtained from the response spectra analysis 
(Fig. 7.28) were in general higher (in absolute value) than those obtained from the 2-D 
static analysis, but the highly stressed contour patterns tended to have a fair agreement. 
The ultimate shear capacity of 79 psi for the east wall computed according to the ABK 
Methodology was surpassed at the southeast comer and at the pier intersecting with the 
central wall at the lower level (Fig. 7.28). No shear damage was observed in this wall under 
this condition. 
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Similar observations can be made for the shear stress contours obtained from the response 
spectra analysis for the west wall (Fig. 7.29) when compared with those obtained from 
~. the 2-D static analysis (Fig. 7.13). The contours magnitudes from the response spectra 
analysis were higher than those obtained from the static analysis, and the stress patterns 
were more pronounced. The highly stressed areas were located at the lower level nearby 
the intersection with the south and the central walls (Fig. 7.29). Stresses higher than the 
ultimate shear capacity of 70 psi computed according to the ABK Methodology criterion 
were not encountered. Therefore, no damage was expected at the west wall under this 
criterion. 
The computed base shears from the response spectra analysis in the E-Wand N-S 
direction were O.46W and 0.33W respectively, where W is the total weight of the structure 
at the base level. These computed base shears were indeed higher to those computed from 
the discrete :MDOF dynamic model (not considering gravitational forces) of O.35W for 
... the E-W direction and O.18W for the N-S direction. 
Response spectra analysis provided a more conservative estimation of the stresses acting 
on the structure with respect to the 2-D static analysis, what should be expected because 
response spectra analysis constitutes an upper limit since it combines the peak modal 
responses of a structure based upon SnOF oscillators. This was confirmed by the 
magnitude of the computed base shear in each direction. However, response spectra 
analysis was generally in good agreement with the 2-D static analyses based upon the 
dynamics of the discrete 1vIDOF models. The analyses suggested that the highly stressed 
walls should be the more flexible walls (south and east wall), as a direct consequence -- J 
of the negative effect induced by the flexibility of the diaphragms. This was also suggested 
by the sensitivity studies of the discrete :MDOF dynamic models discussed in Sections 6.1.3 
and 6.2.3. 
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7.3.4 Modal TIme-Step Integration Seismic Analysis 
Modal time-step integration seismic analysis of the 3-D finite element mesh presented 
on Fig. 7.19 was done to estimate shear stress states at the identified times of peak dynamic 
response in both the E-W and N-S directions by the discrete models of the firehouse 
presented in Chapter 6. For the E-W direction, peak accelerations at the walls and 
diaphragms of the firehouse were predicted to happen after 4.8.8 seconds of having the 
earthquake motions started. For the N-S direction, peak accelerations at the walls and 
the diaphragms were predicted at 4.03 seconds of having started the earthquake motions. 
Similarly to what was done for the response spectra seismic analysis, the first 20 modes 
of vibration summarized in Table 7.4 were used in the analyses to save computational 
effort using the restarting capabilities of ABAQUS (Ref. 37). The associated modal masses 
! 
in each direction were then 99.2% of the total for the E-W direction, 93.4% for the N-S 
direction and 97.0% for the vertical direction, which are more than the minimum 90% 
of the total modal mass in each direction required by the 1988 UBC code and the NEHRP 
provisions (Refs. 39 and 53 respectively). 
The first 5.5 seconds of the recorded acceleration time histories for the three ground motion 
components (sensors 1 to 3, Fig. 3.1) were used. A time-step integration of 0.001 seconds 
was specified. The specified time-step was exactly the same time-step used during the 
dynamic analyses of the discrete models (Chapter 6). The effective damping ratios 
considered for each mode were exactly the same ones used on the response spectra analysis 
(Table 7.5). 
The analysis carried out on a Convex C240 mainframe required an additional 1376 seconds 
(22'56") of CPU time beyond the frequency analysis. Therefore, the total CPU time 
required to perform the response spectra analysis considering the first 20 modes of 
response was 8377 seconds (2h19'37"). 
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Shear stress contours obtained from this analysis are presented in Figs. 7.30 to 7.36. The 
contours obtained at the time of peak responses for the E-W direction (t=4.88 seconds) 
are presented in Figs. 7.30 to 7.33. The shear stress contours for the southeast view of 
the firehouse (south wall, east wall, and the roof) at time 4.88 seconds are shown in Fig. 
7.30. Contours values correspond to those limits prescribed to the south wall by different 
masonry code provisions summarized in Table 7.2. Shear stresses i!l excess of the ultimate 
shear capacity of 81 psi prescribed by the ABK Methodology were not encountered in the 
walls. Peak shear stress contours in the diaphragms at the roof level were· in the 
neighborhood of 100 psi, below the allowable shear stresses for plywood from 200 psi 
to 250 psi. 
Shear stress contours for the south wall at time 4.88 seconds (Fig. 7.31) have a good 
agreement with those obtained from the equivalent static 2-D analysis in a more refined 
mesh (Figs. 7.3 and 7.4). The stresses were about the same order of magnitude. The stress 
contours also correlated well with those obtained from the response spectra analysis (Fig. 
7.25), but the magnitude of the stresses were higher in the response spectra analysis. As 
in the 2-D static and the response spectra analyses, the south wall was expected to suffer 
little or no shear damage at the base piers. 
Similar observations can be made for the shear stress contours obtained for the central 
wall at time 4.88 seconds (Fig. 7.32), when compared with those obtained from the 2-D 
static analysis (Fig. 7.7) and the response spectra analysis (Fig. 7.26). Contours tended 
to agree although the stress magnitudes from the time step integration were lower than 
those obtained from the response spectra analysis, and similar to (but slightly lower than) 
those obtained from the 2-D static analysis. The highly stressed areas were located at the 
extreme regions of the base piers (Figs. 7.7, 7.26 and 7.32). Stresses higher than the 
ultimate shear capacity of 78 psi computed for the ABK Methodology criterion were not 
encountered. Therefore, no shear damage was expected at the central wall. 
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The information provided by the shear stress contours for the north wall obtained at the 
time step of 4.88 seconds (Fig. 7.33) was somewhat different of what it was obtained from 
the 2-D static analysis (Fig. 7.9) and the response spectra analysis (Fig. 7.27). The stresses 
obtained from the modal, time-step integration analysis were about the same order of 
magnitude to those corresponding to the 2-D static analysis, however, the location of the 
highly stressed zones differed. On the other hand, the stresses o~tained from the response 
spectra analysis were higher, but the stress contours tended to agree at least at the more 
stressed regions. Therefore, it can be inferred that coupling 3-D dynamics effects (torsion) 
had a more notorious impact i~ the shear stresses distribution of the north wall rather 
than the south and central walls, where the contour patterns between 2-D analysis and 
3-D analyses were similar. The highest shear stresses at the north wall were below the 
ultimate shear capacity of 67 psi computed from the ABK Methodology. 
Shear stress contours for the southeast view of the firehouse (south wall, east wall, and 
the roof) at time 4.03 seconds, which defines the time where peak dynamic responses were 
hinted for the N-S direction, are shown in Fig. 7.34. It can be observed that the stresses 
were generally smaller in the south wall and higher in the east wall when compared with 
those obtained at time 4.88 seconds (Fig. 7.30). It can also be .observed in Fig. 7.34 that 
the shear stress flow in the diaphragms shifted towards the N-S direction, whereas in Fig. 
7.30 the shear stress flow was clearly running in the E-W direction. Shear stresses in the 
walls in excess of the ultimate shear capacity of 81 psi prescribed by the ABK Methodology 
were not encountered. Peak shear stress contours in the diaphragms at the roof level were 
also in the neighborhood of 100 psi, below the allowable shear stresses specified for 
plywood (200 to 250 psi). 
The shear stress contours for the east wall obtained at time 4.03 seconds (Fig. 7.35) were 
in general higher (in absolute value) than those obtained from the 2-D static analysis, 
but the highly stressed contour patterns had a fair agreement. The stress contours of Fig. 
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7.35 also correlated well with those obtained from the response spectra analysis (Fig. 7.28), 
but were slightly smaller. 
The contours obtained at the southeast comer of the east wall from the three different 
analysis (right hand side of Figs. 7.11, 7.28 and 7.35) differed among them. These 
differences can be attributed to: 1) The difference between 2-D analysis (uncoupled 
system) and 3-D analysis (coupled system); and, 2) The difference of combining maximum 
responses (response spectra) with respect to obtaining the response of a given system in 
a given time frame (modal time-step integration). According to the modal time-step 
integration analysis, the ultimate shear capacity of 79 psi fo~ the east wall computed 
according to the ABK Methodology was surpassed at the pier which is intersecting with 
the central wall at the lower level (Fig. 7.35). No shear damage was observed at this wall 
under -this condition. 
Similar observations can be made for the shear stress contours obtained for the west wall 
at time 4.03 seconds (Fig. 7.36) when compared with those obtained from the 2-D static 
analysis (Fig. 7.13) and the response spectra analysis (Fig. 7.29). Contours magnitudes 
from the time-step integration analysis were lower than those obtained from the response 
spectra analysis but they were slightly higher than those from the static analysis. 
Highly stressed zones at the north wall from time-step integration analysis (Fig. 7.36) were 
similar to those from response spectra analysis (Fig. 7.29). The highly stressed areas were 
located at the lower level nearby the intersection with the south and central walls (Fig. 
7.29 and 7.36). However, it can be observed that the stresses were reversed in the vicinity 
of the southwest comer, reflecting the difference between combining peak responses 
(response spectra analysis, Fig. 7.29) and computing the dynamic response at an specific 
time (modal time step integration analysis, Fig 7.36). The difference from the stress 
contours in the vicinity of the southwest comer of the west wall from the 2-D static analysis 




of torsional effects in the 3-D model also. Stresses higher than the ultimate shear capacity 
of 70 psi computed for the ABK Methodology crit,erion were encountered along the 
intersection of the west wall with the diaphragms at the roof level in a narrow band of 
about 8 feet. No damage w,as observed at the west wall. 
The computed base shears from the modal time-step integration analysis were 0.30 W 
in the E-W direction (at time step 4.88 seconds) and 0.22W in the N-S direction (at time 
step 4.03 seconds), which were indeed lower than those obtained from the more 
conservative response spectra analysis (0.46W for the E-W direction and O.33W for the 
N-S direction). The computed base shears from the modal time-step integration analysis 
were closer to those computed from the discrete 11DOF dynamic model (0.35W for the 
E-W direction and 0.18W for the N-S direction). 
Regarding this modal time-step analysis as the most accurate procedure, it can be the 
confirmed that the response spectra analysis constituted a more conservative procedure 
to evaluate the stresses acting in the structure; Nonetheless, the general agreement in the 
definition of stress contours in the structure between the modal, time-step integration 
analysis and the response spectra analysis was reasonable. The general agreement in the 
definition of stress contours between the 3-D modal time-step integration analysis and 
the 2-D static analyses based upon the dynamics of the 2-D discrete MDOF models was 
very good because coupling effects (dynamic torsion) affected only localized areas of some 
walls. The modal time-step integration analysis also identified that the highly stressed walls 
should be the more flexible walls (south and east wall), as a direct consequence of the 
negative effect induced by the flexibility of the diaphragms. 
7.3.5 3-D Quasi-Dynamic Seismic Analysis 
A simplified procedure was also used to estimate shear stress states at the identified times 
of peak dynamic response in both the E-Wand N-S directions using the computed 
accelerations from the discrete models .of the firehouse (Chapter 6). The procedure 
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consisted in extracting the accelerations predicted by the discrete models of the firehouse 
in both the E-W (Fig. 6.1) and the N-S (Fig. 6.24) directions at a given time of interest. 
These accelerations were imposed to the 3-D finite element mesh as equivalent static 
forces (Figs. 7.37 and 7.42). The accelerations at the diaphragms were assumed to act 
over the same tributary areas of the diaphragms considered in the discrete dynamic models 
(Section 5.1.1). The predicted accelerations at the walls were Interpolated linearly along 
the height of each wall and the equivalent forces acting along the walls were computed 
accordingly. Only the accelerations acting in the plane of the walls were distributed in 
the elements representing the walls. The gravitational loads acting on the structure were 
also included in the analyses. 
For the E-W direction, peak accelerations at the walls running in that direction and at 
the diaphragms of the firehouse were predicted after 4.88 seconds of having the earthquake 
motions started. The predicted and scaled accelerations at time 4.88 seconds computed 
from the discrete models of Figs. 6.1 and 6.24 which obtained the best correlations are 
schematically represented in Fig. 7.37. These accelerations were introduced as uniform 
gravity forces in the shell elements (ABAQUS, Ref. 37) of the 3-D mesh representing 
the diaphragms and the walls. Gravitational loads acting in the vertical plane were also 
included under the same formulation. 
The analysis was carried out in two parts. The prediction of the accelerations using the 
discrete models was done on an Apollo DN3500 workstation. The CPU times required to 
perform 21 seconds of 'integration of the input ground motion with a time-step of 0.001 
seconds were 21.18 seconds for the model in the E-W direction (Fig. 6.1) and 14.31 
seconds for the model in the N-S direction (Fig. 6.24). If these analyses would have been 
carried out on the Convex C240 mainframe, the required CPU times would have been 
15 to 20 times lower. The static analysis of the 3-D mesh was carried out on a Convex 
C240 mainframe and required 1200 seconds (20 minutes) of CPU time to be completed-, 
._- - -\ 
_._-, 
The savings in computational effort of the quasi-dynamic analysis, when compared with -} 
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the response spectra and/or modal time-step integration analyses, make this simplified 
procedure more attractive. 
Shear stress contours obtained from the quasi-dynamic analysis at the time of peak. 
responses in the E-W direction (t=4.88 seconds) are presented in Figs. 7.38 to 7.41. The 
shear stress contours for the southeast view of the firehouse at time 4.88 seconds are shown 
in Fig. 7.38. Contours values correspond to those limits prescribed to the south wall by 
different masonry code provisions summarized in Table 7.2. Shear stresses in excess of 
the ultimate shear capacity of 81 psi prescribed by the ABK Methodology were not 
encountered in the walls. Peak shear stress contours in the diaphragms at the roof level 
were around 60 psi, below the allowable shear stresses for plywood (200 psi to 250 psi, 
Table A.4.10, Ref. 34). The patterns of the stress contours under this analysis correlated 
well with those obtained from the modal time-step integration analysis at the same 
time-step (Fig. 7.30), although signs of the shear stresses were reversed. 
Shear stress contours for the south wall at time 4.88 seconds (Fig. 7.39) had a general 
good agreement with those obtained from the modal time-step integration analysis at the 
same time (Fig. 7.31)~ The stresses were similar in magnitude, however, they were slightly 
higher for the modal time-step integration analysis. The south wall was not expected to 
suffer damage at the base piers according to the ultimate shear criterion of the ABK 
Methodology. 
Similar observations can be made for the shear stress contours obtained for the central 
wall at time 4.88 seconds (Fig. 7.40) when these contours are compared with those obtained 
from the modal time-step integration analysis at the same instant (Fig. 7.32). Contours 
correlated well and they might have gotten a better correlation if the imposed accelerations 
in the E-W directions for the quasi-dynamic analysis (Fig. 6.37) would have been applied 
in the opposite direction. The stresses were similar in magnitude. The highly stressed areas 
were located at the base piers (Figs. 7.32 and 7.40). Stresses higher than the ultimate shear 
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capacity of 78 psi computed for the ABK Methodology criterion were not encountered. 
. , 
Therefore, no damage was expected at the central wall under this analysis. 
The information provided by the shear stress contours for the north wall obtained at time 
4.88 seconds (Fig. 7.41) strengthen the hypothesis that 3-D dynamic torsion has a more 
notorious impact in the distribution of stresses in the north wall than in the south and 
central walls. The stress contours obtained from the modal time-step integration analysis 
at the same time-step (Fig. 7.33) were similar in magnitude, but the identified critical 
stressed zones differed slightly. This difference can be attributed to the inclusion of 
dynamic torsional effects in the modal time-step analysis, which are not considered in 
the quasi-dynamic analysis because the equivalent accelerations were obtained from the 
dynamics of two orthogonal and uncoupled 2-D systems. In any event, the correlation of 
the stress contours for the north wall of the quasi-dynamic at:lalysis with respect to the 
modal, time step analysis was much better than the ones obtained for the response spectra 
analysis (Fig. 7.27) and the 2-D static analysis (Fig. 7.9). The highest shear stresses in 
the north wall were below the ultimate shear capacity of 67 psi computed from the ABK 
Methodology. 
For the N-S direction, peak accelerations in the east and west walls and in the diaphragms 
of the firehouse occurred after 4.03 seconds. The predicted and scaled accelerations 
computed at time 4.03 seconds from the discrete models of Figs. 6.1 and 6.24 which 
obtained the best correlations are schematically represented in Fig. 7.42. These 
accelerations were used for the quasi-dynamic analysis of the 3-D mesh at this time. 
Shear stress contours obtained from the quasi-dynamic analysis at the time of peak 
responses in the N-S direction (t=4.03 seconds) are presented in Figs. 7.43 to 7.45. The 
shear stress contours for the southeast view of the firehouse at this time are shown in Fig. 
7.43. Shear stresses in excess of the ultimate shear capacity of 81 psi prescribed by the 
-1 
I 
ABK Methodology were not encountered in the walls. Peak shear stress contours in the ~ 
", 
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diaphragms at the roof level were around 60 psi, below the allowable stress limits for 
plywood. The pattem~ of the stress contours under thi~ analysis correlated well with those 
obtained from the modal time-step integration analysis at the same time (Fig. 7.34), but 
the signs of the shear stresses were reversed. 
The magnitude of the shear stresses for the east wall obtained at time 4.03 seconds (Fig. 
7.44) was generally lower than that obtained from the modal time-step integration analysis 
(Fig. 7.35), but the stress contours had a fair agreement. Contours at the southeast comer 
of the east wall were similar but differed in sign(Figs. 7.35 and 7.44). This slight difference 
in the identified stress distributions between the quasi-dynamic and the modal dynamic 
analysis could be attributed to the influence of the dynamic torsion (Fig. 7.21) in the 
computed response of the modal dynamic analysis, effect which cannot be included in 
the quasi-dynamic analysis. In addition, the shear stresses induced by the vertical 
component at this given time step may have had an influence in the response. Estimated 
peak stresses in the east wall from the quasi-dynamic analysis were lower than the ultimate 
shear capacity of 79 psi computed from the ABK Methodology. 
The shear stress contours obtained for the west wall at time' 4.03 seconds (Fig. 7.45) 
provided different information than those obtained from the modal time-step integration 
analysis (Fig. 7.36). Highly stressed regions did not have a general agreement. In addition, 
the sign of the stresses were reversed. The magnitude of the stresses was lower under the 
quasi-dynamic analysis. The difference between these stress contours could be attributed 
to dynamic torsion. In any event, the disagreement in the computed stress contours from 
these two analysis was not radical. Thus, the quasi-dynamic analysis still gave a reasonable 
estimate of the magnitude and distribution of highly stressed areas in the structure when 
compared with the more formal time-step integration analysis. Shear stresses were smaller 
than the ultimate shear capacity of 70 psi computed for the ABK Methodology criterion. 
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The computed base shears from the quasi-dynamic analysis were O.27W in the E-W 
direction (at time 4.88 seconds) and O.l7W in the N~S direction (at time 4.03 seconds). 
These base shears were lower than those obtained from the modal time-step integration 
analysis (O.30W for the E-W direction and O.22W for the N-S direction). The 
quasi-dynamic analysis had a general good agreement with the more formal, complex and 
computationally extensive modal time-step integration analysis. Only slight differences 
were encountered, caused primarily by dynamic torsional effects. 
7.3.6 Summary 
Results from the different 3-D finite elements analyses revealed that the firehouse should 
have remained essentially undamaged during the Lorna Prieta Earthquake if the ultimate 
capacity of the masonry walls in shear was considered (Le., ABK Methodology criterion, 
or the shear strength of 85 psi obtained from the in-place shear tests). The peak shear 
stresses acting in the plywood diaphragms were under the allowable limits. Flexible 
diaphragms induced higher stresses to the outer more flexible and weaker walls (south 
and east wall), as it was found earlier with the discrete models. 
The dynamic response of the firehouse in both directions was controlled by the diaphragm 
action, although torsional effects were also present and affected only localized areas of 
the exterior walls (north, east and west walls). However, the influence of the torsional 
mode (second generalized mode shape) was minimal, because only a small percentage 
of the total translational modal mass in any direction was excited under this mode (Table 
7.4, Fig. 7.21). Therefore, simplified approaches as the 2-D finite element static analysis 
presented in Section 7.1 are adequate to reliably evaluate and define the distribution of 
-.--, 
--1 
stresses throughout the structure. If 2-D finite elements are used, then, more refined -, 
meshes can be used for the stress analyses with a significantly lower computational effort. 
If 3-D effects have to be considered, the quasi-dynamic analysis constitutes a reliable 




and response spectra analyses. In this case study and for the same mesh, the quasi-dynamic 
analysis required 6.4 to 7.0 less CPU time than the response spectra and the modal 
time-step integration analyses to evaluate the 3-D dynamic response of the firehouse. The 
quasi-dynamic analysis had a good overall correlation with the more formal modal 
time-step integration analysis, primarily because torsional coupling had a reduced and 
localized impact in the overall response of the structure. 
Response spectra analysis constituted a more conservative method to evaluate peak 
dynamic responses (stresses, displacements, accelerations, velocities) than the modal 
time-step integration analysis. The use of response spectra analysis instead of the modal 
time-step integration analysis offered no comp'utational advantage for a 3-D finite element 
mesh of this magnitude, because most of the computational effort was spent in the 
extraction of frequencies and mode shapes. Therefore,. the selection of one analysis over 
! 
the other should be based on other considerations (availability of data, software, etc). 
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Figure 7.1 Lateral acceleration distribution for the E-W running walls based 
upon the predicted peak acceleration by the dicrete 11DOF dynamic 
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Figure 7.2 Lateral acceleration distribution for the N-S running walls based 
upon the predicted peak acceleration by the dicrete MDOF dynamic 






















Figure 7.3 Shear stress contours fort the south wall due to in-plane action (soil-structure interaction) 
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Figure 7.5 Vertical normal stress contours for the south wall due to in-plane action (soil-structure interaction) 
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Figure 7.14 Vertical normal stress contours for the west wall due to in-plane action (fixed-base) 
Figure 7.15 Deflected shape for the south wall due to out-of-plane action 
(imposed displacements in the N-S direction). 
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Figure 7.17 Deflected shape of the east wall due to out-of-plane action (imposed displacements in the E-W direction) 
















Figure 7.19 Finite element mesh for the three-dimensional analyses 
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Figure 7.22 Global 3-D third mode shape (first translational mode shape in the N-S direction) 
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Figure 7.21 Shear stress contours for the north wall from response spectra seismic analysis 
I 



































Figure 7.29 Shear stress contours for the west wall from response spectra seismic analysis 
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Figure 7.31 Shear stress contours for the south wall from modal, time-step integration seismic analysis at t = 4.88 sec 

























Figure 7.33 Shear stress contours for the north wall from modal, time-step integration seismic analysis at t = 4.88 sec 
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Figure 7.36 Shear stress contours for the west wall from modal, time-step integration seismic analysis at t = 4.03 sec 
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Figure 7.37 Acceleration distribution at the time of peak response in the E-W 
direction (t =4.88 seconds) predicted by the discrete model and 
used in the 3-D quasi-dynamic seismic analysis. 
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Figure 7.41 Shear stress contours for the north wall from 3-D quasi-dynamic seismic analysis at t = 4.88 sec 
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Figure 7.42 Acceleration distribution at the time of peak response in the N-S 
direction (t =4.03 se,conds) predicted by the discrete model and 
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CORRELATION OF 1\1EASURED RESPONSE 
WITH CODE ESTIMATES 
Estimates of dynamic responses offered by state-of-the-art seismic codes such as the 1988 
UBC code (Ref. 39) and the NEHRP provisions (Refs. 53, 54) and the dynamic response 
measured at the firehouse are compared to assess the effectiveness of those provisions 
in the evaluation of the response of this particular case of study. It is beyond the scope 
of this work to evaluate the validity of those code provisions for unreinforced masonry 
structures with flexible diaphragms. However, some valuable insight can be obtained from 
this comparison. The measured dynamic responses of interest are: 1) natural period; 2) 
maximum lateral drift; and, 3) base shear. The correlation between the measured response 
with this code estimate"s are presented in the following sections. 
8.1 Natural Period 
The measured natural periods of the firehouse determined from the Fourier amplitude 
spectra of the recorded roof motidns (Chapter 3) were 0.45 seconds in the E-W direction 
and 0.33 seconds in the N~S direction. These periods are relatively long for a two-story 
building, and they are a direct consequence of the flexibility" of the diaphragms. Most 
seismic codes do not differentiate structural systems with flexible diaphragms from those 
with rigid diaphragms to estimate the natural period of the .structure. This can be 
misleading and dangerous for current engineering practice. Therefore, it might be 
interesting to establish a comparison between these periods and the estimates obtained 
from recommendations of current seismic codes. 
8.1.1 1988 UBC Code 
The provisions to estimate the structure period of the 1988 UBC code are contained in 
section 2312(e)2B (Ref. 39). Two' different methods are presented. Method A is an 
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· approximate method intended for all buildings, and the period estimation is given by 
Equation 12-3 of the UBC code, which is : 
where: 
... 8.1) 
T = fundamental period of vibration, in seconds, of the structure in the 
direction under consideration. 
hn = height of the building. 
C =numerical coefficient which depends on the type of structural system. 
The value of C for structures with masonry shear walls may be computed as : 
c = 0.1 
'lAc ... 8.2) 
where Ac is the combined effective area, in square feet, of the shear walls in the first story 
of the structure. The value of A: shall be .determined from Equation 12-4 of the UBC 
code, which is : 
where: 
... 8.3) 
~ = the minimum cross-sectional shear area in any horizontal plane in the 
first story, in square feet, of a shear wall. 
De = the length, in feet, of a shear wall in the first story in the direction 
parallel to the applied forces. 
The value of (De!h,,) used in Equation 8.3 shall not exceed 0.9. Method A of the UBC 
code makes no distinction between rigid diaphragms building systems and flexible 
diaphragms building systems. Therefore, the procedure could be indistinctly used .to --:t 
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estimate the natural period of two structural systems which behave completely different. 
The UBC formulation was based upon experimental data from structural systems with rigid 
diaphragms. Thus, good correlations with the identified natural periods of the firehouse 
cannot be expected. 
Estimates of the fundamental periods of the firehouse in both the E-Wand the N-S 
direction were obtained according to Method A of the UBC code and the geometry of the 
structure presented in Figs. 2.1 to 2.3. All piers composing each wall at the base level 
were considered but those which have window openings. The estimated fundamental 
periods according to the 1988 UBC Method A were 0.14 seconds for the E-W direction 
and 0.15 seconds for the N-S direction. These estimates correlated poorly with the 
identified natural period of the structure in both directions. However, the estimates 
correlated well for an hypothetical· case where the diaphragms of the firehouse were rigid 
and a fixed based condition existed. The fundamental periods of vibration for such a 
hypothetical structure would be 0.13 seconds for the E-W direction and 0.14 seconds for 
the N-S direction (Tables 6.5 and 6.9). Therefore, Method A constitutes a reasonable 
approximation to estimate the natural period of unreinforced masonry structures with rigid 
diaphragms and a fixed base. Nonetheless, Method A is inappropriate to estimate the 
natural period of a URM structure with flexible diaphragms. 
Method B of the UBC code to estimate the natural period of a building structure is based 
on Rayleigh quotient. In Method B, the fundamental period is calculated using the stnlctural 
properties and deformational characteristics of the resisting elements in a properly 
substantiated analysis, according to Equation 12-5 of the code: 





Wi = that portion of the total seismic load which is located at or assigned 
to level i respectively. 
8; = horizontal displacement at level i relative to the base due to applied 
lateral forces, Ji . 
.t = lateral force at level i. 
g = acceleration due to gravity. 
Method B can be applied to any structural system and it shall render reasonable estimates 
of the natural period if an appropriate model of the structure under study is carried out. 
In order to evaluate this method, the estimates for the natural periods of the firehouse 
in both directions were obtained from Equation 8.4 and the results given by the discrete 
models presented in Chapter 6. These values are presented in Tables 8.1 and 8.2. 
Table 8.1 Data obtained from the discrete model of Fig. 6.1 to estimate the 
natural period of the fIrehouse in the E-W direction using Equation 8.4 
DOF Mass acceleration Static lateral Static lateral 
(Ib-sec2/in) (g) force (kips) displacement (in) 
1 278.71 0.27 28.9 0.54 
2 280.17 0.39 41.9 0.77 
3 318.40 0.62 76.2 1.23 
4 269.86 0.79 82.6 1.60 
5 339.30 0.23 30.2 0.47 
6 342.36 0.31 41.4 0.63 
7 143.90 0.27 15.0 0.54 
8 128.34 0.37 18.3 0.71 
9 208.21 0.21 17.2 0.43 







For the discrete model in the E-W direction (Fig. 6.1), the accelerations predicted at the 
time of peak response (4.88 seconds) were used to compute the lateral forces and the 
horizontal displacements, 8;. These data are presented in Table 8.1. The estimated natural 
period in the E-W direction based upon the data of Table 8.1 and Equation 8.4 was 0.45 
seconds. This period corresponds to the identified natural period obtained from the Fourier 
amplitude spectra of the roof records in the E-W direction. 
For the discrete model in the N-S direction (Fig. 6.24), the accelerations predicted at the 
time of peak response (4.03 seconds) were used to compute the lateral forces and the 
horizontal displacements, 8;. These values are presented in Table 8.2. The estimated 
natural period in the N-S direction computed from the data of Table 8.2 and Equation 
8.4 was 0.32 seconds, which is very close to the natural period of 0.33 seconds identified 
for the N-S direction. 
Table 8.2 Data obtained from the discrete model of Fig. 6.24 to estimate the 
natural period of the fIrehouse in the N-S direction using Equation 8.4 
nop Mass i acceleration Static lateral Static lateral 
(Ib-sec2/in) (g) force (kips) displacement (in) 
1 403.38 0.09 14.1 0.11 
2 411.95 0.15 24.6 0.16 
3 135.53 0.42 21.8 0.36 
4 299.89 0.43 49.3 0.37 
5 127.17 0.52 25.6 0.56 
6 267.38 0.53 54.7 0.56 
7 449.51 0.06 9.6 0.08 
8 417.24 0.08 12.3 0.11 
257 
According to these results, Method B of the 1988 UBC code to estimate the natural period 
of a building structure renders a good correlation for this case of study. This might be 
an indication of the utility of Method B for any building structure provided that appropriate 
hypothesis are made during the analysis of the structure. A good correlation was possible 
because the proposed discrete model represented well the overall behavior of the firehouse. 
If a model that cannot consider the flexibility of the diaphragms andlor soil-structure 
interaction would have been used, then, a poorer correlation would have been obtained. 
The accuracy of Method B depends on the applicability of the selected model to the 
structure under study. 
8.1.2 NEHRP Proyisions 
The National Earthquake Hazards Reduction Program (NEHRP) recommend provisions 
for the development of seismic regulations for new buildings (Refs. 53, 54). The provisions 
to determine the fundamental period of a structure are contained in Section 4.2.2 of this 
provisions. The NEHRP provisions establish that the estimate of the natural period of the 
building shall be based upon established methods of mechanics and the properties of the 
structural system in the direction of analysis, and it makes the assumption that the base 
of the building is fixed. The natural period computed with this method shall not exceed: 
... 8.5) 
where: 
T = the fundamental period of the building. 
Ta = the approximate fundamental period of the building. 
Ca = coefficient for upper limit on calculated period (Table 4-A, Ref. 53). 
Alternatively, the fundamental period may be taken equal to the approximate fundamental 
period of the building, Ta. For moment-resisting structures, the approximate fundament8:1 
_ J 
--I 
period~ T ~ ?;)~. determined according to Equation 8.1, which is the same criterion issued -, 
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by the 1988 UBC code. For all other buildings, Ta is computed as : 
where: 
Ttl = O.05~ ... 8.6) 
hn = the height in feet above the base to the highest level of the building. 
L = the overall length of the building, in feet, at the base in the direction 
being analyzed. 
Equations 8.5 and 8.6 were used to estimate the fundamental period of the firehouse in 
both directions. The coefficient for upper limit on the calculated period, Ca , was equal 
to 1.2, according to Table 4-A of Ref. 53. The computed natural periods for the firehouse 
were 0.25 seconds for the E-W direction and 0.20 seconds for the N-S direction. The 
estimated fundamental periods correlated poorly with the identified natural periods of 0.45 
and 0.33 seconds for the E-W and N-S direction respectively. A good correlation could 
not be expected because Equation 8.6 is in essence a simplistic procedure expressed in 
function of general geometric measurements, based upon a reduced set of experimental 
data for reinforced concrete shear; wall buildings (Ref. 54). Equation 8.6 can be expected 
to provide underestimated values of periods of vibration for other building types (Ref. 54). 
However, considering it for a first, quick, and crude approximation to estimate the natural 
period of a shear (bearing) wall building structure, Equation 8.6 is somewhat useful. 
Soil-structure interaction effects are also taken into account by the NEHRP provisions. 
In fact, the recommendations are entirely based on the ATC 3-06 provisions (Ref. 11). 
The effective fundamental period of the building can be determined with Equation 6-3 
of both provisions (Refs. 11, 53) as follows : 
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t = the effective fundamental period of the building. 
T = the fundamental period of the fixed-base building. 
k = the stiffness of the building when fixed at the base. 
Ii = the effective height of the building which shall be taken as 0.7 times 
the total height, hn, except that for buildings where the gravity load is 
effectively concentrated at a single level, it shall be taken as the height to 
that level. 
Icy = the lateral stiffness of the foundation, defined as the static horizontal 
force at the level of the foundation necessary to produce a unit deflection 
at that level, the force and the deflection being measured in the direction 
in which the structure is analyzed. 
ka = the rocking stiffness of the foundation, defined as the static moment 
I 
necessary to produce a unit average rotation of the foundation, the moment 
and rotation being measured in the direction in which the structure is 
analyzed. 
The foundation stiffnesses ky and ka shall be computed by established principles of 
foundation mechanics. The stiffness of the building when fixed at the base is defined by 
Equation 6-4 of both provisions (Refs. 11, 53) as follows: 
where: 
W = the effective gravity load of the building. 
g = the acceleration due to gravity. 
... 8.8) 
Estimates of the effective natural period in both directions were obtained using Equation 
8.7 and the data provided by the discrete models that showed the best correlation with 
--'I 
the identified structure (Chapter 6). The effective gravity load of the building was _." 
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considered as the estimated total weight of the building (1060 kips). The effective height 
of the building was defined as 18'7". Using the discrete model of Fig. 6.1, the estimated 
natural period for the fixed-base building for the E-W direction was 0.36 seconds. The 
associated lateral and rocking stiffnesses of the foundation, ky and ke, were estimated as 
8882 klin and 1.412xl09 k-inlrad respectively. These values were obtained for the discrete 
model with the best correlation. Then, the effective fundamental period of the firehouse 
in the E-W direction computed according to Equation 8.7 was 0.40 seconds. This estimated 
period is 11.7% lower than the identified natural period the firehouse in the E-W direction 
(0.45 seconds). 
For the N-S direction, the estimated natural period for the fixed-base building was 0.29 
seconds. This estimate was obtained from the discrete model presented in Fig. 6.24. The 
associated lateral and rocking stiffnesses of the foundation, ky and ke, were estimated as 
9816 klin and 1.679xl09 k-inlrad respectively. These values were obtained for the discrete 
model with the best correlation. The effective fundamental period of the firehouse in the 
N-S direction computed according to Equation 8.7 was 0.34 seconds, that is, 4% higher 
than the identified natural period/the firehouse in the N-S direction of 0.33 seconds. 
The computed effective natural periods with Equation 8.7 correlated well with the identified 
natural periods of the firehouse. Equation 8.7 constitutes a more sophisticated procedure 
to estimate the natural period of a building structure, and it requires more detailed 
information. Equation 8.7 was developed from analyses in which the structure is assumed 
to respond in its fixed-base fundamental mode, and it considers the foundation weight 
to be negligible in comparison to the weight of the structure (Refs. 11 and 54). 
8.2 Drift Limi ts 
The maximum dynamic in-plane drift of the firehouse between the central wall at the roof 
f 
level and the base obtained from the recorded motions was 0.56 inches (E-W direction, 
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Chapter 3). This drift is compared to the established limits given by the recommendations 
of current seismic codes. 
8.2.1 1988 VBC Code 
The story drift limitations of the 1988 UBC code are contained in Section 2312(e)8 of the 
code (Ref. 39). Calculated drifts shall include translational and torsional deflections. The 
code establishes that for buildings less than 65 feet in height, such as the firehouse, the 






d S O.OOSh 
... 8.9) 
... 8.10) 
Rw = numerical coefficient (response reduction modification factor). 
h = story height. 
These drifts limits may be exceeded when it is demonstrated that greater drifts can be 
tolerated by both the structural elements and non structural elements that could affect life 
safety. For a masonry bearing wall structural system, the 1988 UBC code allows a response 
reduction factor Rw equal to 6 (Table No 23-0, Ref. 39). Therefore, Equation 8.10 is in 
this case the limiting criterion. 
Considering "h" as the height of the firehouse at the roof level, with value of 26'7", the 
maximum dynamic drift experienced at the central wall at the roof level as 0.0017h (E-W 
direction). Therefore, the maximum dynamic drift at the central wall was within the 
allowable limits of the 1988 UBC code despite of the significant amount of diaphragm 
action observed at the firehouse. The dynamic story drifts at the first and the second stories 
should have been under these iimits for aU waBs as a consequence. 
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8.2.2 NEHRP Proyisions 
The deflections and drift limits of the NEHRP provisions are addressed in their Section 
3.8 (Ref. 53). It is stated that the story drift, 11, shall not exceed the allowable limit l1a 
as obtained from Table 3-C of the provisions for any story. For seismic hazard exposure 
group ill of the provisions (buildings having essential facilities that are necessary for post 
earthquake recovery, category that applies for the building as a firehouse), the allowable 
story drift limit !1a is : 
~ = O.OlOh.u ... 8.11) 
and for hazard exposures groups I and n the allowable story drift limit is increased by 
50% : 
~ = O.Ol5h.u ... 8.12) 
where: 
h.sx = story height below level x. 
If we take the height of the firehouse at the roof level as h.sx with a value of 26'7, the 
maximum dynamic drift experienced at the central wall at the roof level of 0.0017h.sx (E-W 
direction) will fall well below the allowable limits of the NEHRP provisions (Equations 
8.11· and 8.12). Dynamic story drifts for all walls at the first and the second stories should 
have been below these limits as well. It can be concluded that the maximum dynamic drift 
at the firehouse is consistent with the extent of damage observed and with the prescribed 
code limits. 
8.3 Design Base Shear 
Computed base shears obtained from the 2-D discrete models and the 3-D modal, 
time-step integration and quasi-dyn;amic finite element analyses (Chapter 7) are compared 
to those which would be estimated by the recommendations of current seismic codes. 
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8.3.1 1988 UBC Code 
The total design base shear in a given direction shall be determined according to Section 
2312(e)2A .and from Equation 12-1 of the code (Ref. 39) 
where: 
v = total base shear. 
W = total seismic dead load. 
Z = seismic zone factor. 
I = importance factor. 
Rw =numerical coefficient (response reduction factor). 
C = numerical coefficient. 
... 8.13) 
The numerical coefficient C defines the design spectra shape based upon the period range 
and the soil type under consideration, and is defined in Equation 12-2 of the code written 
below: 
where: 
c = 1.25S 
p/3 
S = site coefficient for soil characteristics. 
... 8.14) 
T = fundamental period of vibration, in seconds, of the structure in the 
direction under consideration. 
The value· of the numerical coefficient C need not to exceed 2.75 and may be used for 
any structure regardless of the soil type or structure period, and the minimum value of -~ .. I 
the ratio CIRw shall be 0.075 (Ref. 39). 
Elastic design base shears for the firehouse in both the E-Wand N-S directions were 
estimated from Equations 8.13 and 8.14 (Rw == 1). The fundamental periods of vibration 
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used in Equation 8.14 were those computed from Method A and Method B of the code 
as presented in Section 8.1.1. Site coefficient for soil characteristics, S, was identified as 
type S2 (Table No 23-J, Ref. 39) and taken as 1.2. Gilroy, California, is located in zone 
4 of the seismic zone map. Then, the seismic zone factor Z was taken as 0.4 (Table No 
23-1, Ref. 39). The response reduction factor Rw for a masonry bearing wall structural 
system is equal to 6 according to the 1988 UBC code (Table No 23-0, Ref. 39). However, 
it was taken equal to one so comparisons with the elastic base shears obtained from the 
elastic dynamic analysis could be made. The importance factor I for essential facilities 
is 1.25 and 1.00 for special occupancy facilities (Table No 23-L, Ref. 39). The last value 
was considered for the calculations since the building was not being used as a firehouse 
at the time of the earthquake. The total weight of the structure was 1060 kips .. 
Computed elastic design base shears under these assumptions are presented in Table 8.3, 
. where they are compared to those elastic base shears computed from the 2-D discrete 
models, the 3-D modal time-step integration analysis, and the 3-D quasi-dynamic 
analyses. 
r 
Table 8.3 Estimated 1988 UBC elastic design base shears vs 
computed base shears from 2-D and 3-D dynamic analyses 
Loading Structure Period C UBC code Computed Base' Shear 
Direction Method T (sec) Design .Base Discrete 3-D 3-D Quasi 
Shear Model Time-step Dynamic 
E-W A 0.138 2.75 1.10W O.35W O.30W O.27W 
E-W B 0.453 2.54 1.02W 0.35W 0.30W 0.27W 
N-S A 0.154 2.75 1.10W ·0.18W 0.22W 0.17W 
N-S B 0.321 2.75 1.10W O.18W O.22W O.l7W 
In this particular case, the underes~imation of the structural period from Method A does 
not have an impact in the determination of the design base shear as compared to the more 
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accurate Method B. The reason of this it that both computed structural periods fall within 
the flat area of the design response spectra of the Usc code (short period range). 
In the E-W direction, the elastic design base shears computed according to the UBC code 
were 2.91 to 4.07 times higher than those computed base shears from the dynamic 
analyses. Taking the 3-D modal, time-step integration finite element analysis as the best 
estimate of the maximum dynamic base shear acting in the structure during the Lorna 
Prieta Earthquake, then, the elastic design base shear of the UBC code was 3.40 times 
higher. This elastic design base shear corresponds to the most -accurate prediction of the 
identified structural period (Method B). Therefore, the elastic design spectra of the UBC 
code provides conservative estimates of the base shear for this type of structures. 
In the same fashion, the elastic design base shears computed in the N-S direction according 
to the UBC code were much higher than to those computed base shears from the dynamic 
analyses. Taking again the 3-D modal time-step integration finite element analysis as the 
best estimate of the maximum dynamic base shear, the elastic design base shear of the 
UBC code corresponding to the most accurate prediction of the identified structural period 
(Method B) is 5 times higher. 
8.3.2 NEHRP Proyisions 
For the NEHRP provisions, the design seismic base shear in the direction of analysis of 
a building considered to be fixed at the base, shall be determined according to Section 
4.2 and from Equation 4-1 of the provisions (Ref. 53) : 
where: 
v = design seismic base shear in the direction being analyzed. 
Cs = seismic design coefficient. 






W shall be taken equal to the total weight of the structure and applicable portions of other 
components (Ref. 54). The value of the seismic design coefficient Cs may be determined 
in accordance with Equations 4-2,4-3 or 4-3a of the provisions, as appropriate. Equation 
4-2 written below requires calculation of the fundamental period of the building: 
where: 
... 8.16) 
A, = coefficient representing effective peak velocity-related acceleration. 
S = coefficient for the soil profile characteristics of the site. 
R = response modification factor. 
T = fundamental period of the building in the direction being analyzed. 
To account for the effects of soil-structure interaction, the base shear determined from 
Equation 8.15 may be reduced according to Equations 6-1 and C6-7 of the NEHRP 




v = reduced seismic base shear, which shall in no case be taken less than 
O.7V. 
A V = reduction on the seismic base shear to account for soil-structure 
interaction effects. 
Cs = seismic design coefficient computed from Equation 8.16 using the 
fundamental period of the fixed-base structure. 
C: = seismic design coefficient computed from Equation 8.16 using the 
f 
fundamental period of the flexibly supported structure. 
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~ = fraction of critical damping for the structure alone. 
P = fraction of critical damping for the structur~-foundation system. 
W = effective gravity load of the building, which shall be taken as 0.7W, 
except that for buildings where the gravity load is concentrated at a single 
level, it shall be taken equal to W. 
Elastic design base shears for the firehouse for the E-W and N-S directions were estimated 
from Equations 8.15 to 8.18. The fundamental periods of vibration used were those 
computed from Equations 8.5 and 8.7 for the fixed-base and flexibly supported cases 
(Section 8.1.2). The coefficient for the soil profile characteristics of the site, S, was 
identified as type S2 (Table 3-A, Ref. 53) and taken as 1.2. The coefficient representing 
effective peak velocity-related acceleration, Av, was defined as 0.4 for Gilroy, California, 
from the seismic zone map presented in Figure 1-4 of the NEHRP provisions (Ref. 53). 
This coefficient also identifies a seismicity index for this zone of4. The response reduction 
factor R for unreinforced masonry bearing wall system is equal to 1.25 according to the 
NEHRP provisions (Table 3-B, Ref. 53). However, it was taken equal to 1.00 so 
comparisons with the elastic base shears computed from the dynamic analyses could be 
made. The total weight of the structure was 1060 kips. 
Computed elastic design base shears under these assumptions are presented in Table 8.4 
for the fixed-base case and in Table 8.5 for the case when soil-structure interaction is 
considered. Besides, in Table 8.5 these base shears are compared to those elastic base 
shears computed from the 2-D discrete model, the 3-D modal time-step integration 
analysis, and the 3-D quasi-dynamic analysis. 
A quick review of the values for the fixed-based assumption Cfable 8.4), makes evident 
that the elastic design base shears computed from the NEHRP provisions are overestimated 
in both directions with respect to the computed base shears from the dynamic analyses. 
Taking the 3-D modal time-:-step integration finite element analysis as the best estimate -:I 
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of the maximum dynamic elastic base shear acting in the structure during the Lorna Prieta 
Earthquake, the computed elastic design base shears from the NEHRP provisions will be 
4.83 times higher in the E-W direction and 7.64 times higher in the N-S direction. 
Table 8.4 Estimated NEHRP elastic design base shears (fIXed-base) vs 
computed base shears from 2-D and 3-D dynamic analyses 
Loading Estimated . Cs NEHRP Computed Base Shear 
Direction Period Design Base Discrete 3-D 3-D Quasi 
(seconds) Shear Model Time-step Dyna~ic 
E-W 0.25 1.45 1.45W 0.35W 0.30W 0.27W 
N-S 0.20 1.68 1.68W 0.18W 0.22W 0.17W 
The computed reduced design base shears including soil-structure interaction are 
summarized in Table 8.5 . Here, the fixed-base periods considered are the ones obtained 
from the discrete models (Section 8.1.2). The design base shears for the fixed-base system 
under this consideration were 1.14W for the E-W direction and 1.30W for the N-S 
direction. The fraction of critical damping for the structure alone, ~, was taken as O. foo, 
and the fraction of critical damping for the structure-foundation system, P , was taken 
as 0.164 for the E-W direction and 0.125 for the N-S direction. This is in agreement with 
the assumptions made for the best-correlation discrete models of Chapter 6. The effective 
gravity load of the building, W, was taken as 742 kips (0.7W). 
Table 8.S Estimated NEHRP elastic design base shears (soil-structure 
interaction) vs computed base shears from 2-D .and 3-D dynamic analyses 
Loading Estimated Period ~V NEHRP Computed Base Shear 
Direction Fixed Flexible R. Design Discrete 3-D 3-D Quasi 
(sec) (sec) Base Shear Model Time-step Dynamic 
E-W' 0.360 0.400 0.15W 0.99W 0.35W 0.30W 0.27W 
N-S 0.294 0.338 0.12W 1.18W 0.18W 0.22W O.l7W 
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If soil-structure interaction was considered, the reduced computed design base shear were 
improved but still overestimated. The computed reduced elastic design base shears 
considering soil-structure interaction effects according to the NEHRP provisions were 3.30 
times higher in the E-W direction and 5.36 times higher in the N-S direction if the 3-D 
modal, time-step integration finite element analysis is taken a's the best estimate of the 
maximum dynamic base shear acting in the structure during the Lorna Prieta Earthquake. 
Therefore, the elastic design spectra of the NEHRP provisions yields in conservative 
estimates of the base shear. 
8.4 Summary 
Some observations can be highlighted from the previous comparisons made between the 
measured or computed dynamic response of the firehouse in relation to estimates 
computed by state-of-the-art seismic codes: the UBC 1988 code (Ref. 39) and the NEHRP 
provisions (Refs. 53, 54). 
Regarding the estimates of the fundamental structural periods, it can be concluded that 
the approximate formulas proposed by the 1988 UBC code and the NEHRP provisions, 
which are based upon experimental data and that are expressed in function of geometrical 
properties (Equations 8.1 and 8.5 respectively), are not necessarily suitable for 
unreinforced masonry structures with flexible diaphragms. On the other hand, the 
proposed formulas to estimate the fundamental period using the structural properties and 
deformational characteristics of the resisting elements in a properly substantiated analysis 
(Equations 8.4 and 8.7) are adequate if suitable models are selected for the analysis. 
The maximum dynamic drift at the central wall computed from the recorded motions was 
under the allowable limits of both the 1988 UBC code and the NEHRP provisions. This 
drift is consistent with the extent of damage observed at the firehouse. 
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The estimates of the elastic design base shear by both the UBC and the NEHRP 
recommendations correlated poorly with 'respect to those determined from the elastic 
dynamic analyses. The philosophy of both codes is conservative on this respect. 
The 1988 UBC code and the NEHRP provisions do not distinguish between the seismic 
design of structures with flexible diaphragms from the design of structures with rigid 
diaphragms. Given the radical difference between the dynamic behavior of structures with 
flexible and rigid diaphragms, this code practice does not seem to be appropriate for 
structural systems with flexible diaphragms despite the inherit factors of safety contained 
in both codes. 
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CHAPTER 9 
SUMMARY AND CONCLUSIONS 
A study has been presented that investigated seismic response of an instrumented 
unreinforced masonry building structure subjected to the 1989 Lorna Prieta Earthquake. 
The subject structure was a two-story historic· building, and former firehouse located in 
downtown Gilroy California. The firehouse was constructed in the 1890's using brick 
bearing walls and timber floor and roof diaphragms. Measured data was available on 
accelerations of the ground and of the roof during the earthquake. Despite ground 
accelerations as high as 0.29g, little structural damage occurred during the earthquake. 
This report has summarized the analytical investigations that were done to help understand 
how the building system responded to the earthquake. 
9.1 Object of Study 
Specific objectives of the study were: 
1. To investigate reasons why the firehouse withstood the ground shaking with little 
damage. 
2. To estimate wall stresses using both simplified and state-of-the-art analytical 
methods, and correlate with current building codes and patterns of observed damage. 
3. To develop a simple, discrete multi-degree-of-freedom analytical model to compute 
dynamic response of URM building systems with flexible diaphragms, and calibrate 
the model with measured response of the firehouse. 
4. To run sensitivity studies using the analytical model so that the influences of masonry -., 1 
wall stiffness, floor and roof diaphragm stiffness, a'nd soil characteristics could be 
assessed. 
5. To evaluate the use of finite element methods for estimating wall stresses and 
dynamic characteristics of a complete building system. -, 
-'I 
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9.2 Given Information 
Seldom is so much information available on system description, material properties, 
dynamic response, and condition of an actual building system shaken by a moderately 
intense earthquake. As-built drawings were prepared by others based on a complete survey 
of the building which was done after the earthquake. In-place shear tests were run 
throughout the building by a local commercial testing firm, mortar samples were screened 
through petrographic and chemical analyses, sample bricks were crushed in compression, 
and surrogate masonry prisms were tested in compression. Digitized acceleration histories 
were available for three directions of ground motion immediately adjacent to the building 
as well as for motion at the top of a bearing wall and at the center span of the roof 
diaphragm. The condition of the building following the earthquake was known to be 
limited to a few cracks. 
The lateral force resisting system consisted of multiwythe unreinforced masonrybrick walls 
tied together with flexible plywood diaphragms by steel rods. Walls were nearly solid on 
all sides of the building with the exception of the street side which had large door openings 
i 
at the first story. Since there w'ere no seismic codes at the time of construction, the 
firehouse was not necessarily designed to resist sizeable earthquake forces. However, the 
building withstood both the 1906 earthquake and the 1989 Lorna Prieta Earthquake. 
Flat-wise compressive strength of the bricks averaged 5360 psi. The average compressive 
strength of masonry prisms was 1325 psi. The average Young's modulus was 515 ksi. 
Mortar was evaluated to consist of some cement, a hydrated lime and natural siliceous 
sand. The 20th percentile of reduced in-place shear test values was 85 psi. 
The peak ground acceleration was 0.29g in the east-west direction. This motion was 
amplified to 0.42g at the top of interior bearing wall, and to 0.79g at midspan of the south 
diaphragm. The natural period of th,e structure in the east-west direction was 0.45 seconds 
which was identified from Fourier amplitude spectra of the roof acceleration records. 
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Acceleration response spectra for the east-west ground motion record suggested that 
response of the structure was in part amplified due "to harmonic response with the soil. 
Fourier amplitude spectra of the recorded motions in the east-west direction suggested 
that the central bearing wall was stiff enough to contain in its response a significant 
participation of the ground motion. The south roof diaphragm however responded at its 
own frequency, acting as a filter of the ground and wall motions. 
9.3 Apparent Wall Stress Levels 
A crude estimate of maximum shear stress based on accelerometer readings indicated that 
the peak shear stress was less than 57 psi for all of the masonry walls. This value is larger 
than allowable shear stress values of the UCBC as expected, and less than the ultimate 
shear values given by the ABK method. Shear stresses in this range were also computed 
using sophisticated finite element dynamic analysis programs. Shear stresses were low 
because the percentage of wall-to-fioor area was large at close to 10%. Overturning 
moments were estimated based on accelerometer readings, and used to determine plausible 
ranges of flexural stress at the base of each wall. Net flexural stresses at the wall heel 
were sometimes tensile but less than code allowable values. 
Cracking was minimal because shear stresses were low, and a state of vertical compression 
was expected during the earthquake in nearly all portions of the masonry walls. The 
superior performance was also attributable to the fact that masonry walls were well 
anchored to floors and roof diaphragms which forced the structural system to act as a 
box. 
9.4 Apparent Periods of Vibration 
Wall accelerations were amplified to 0.79g at midspan of the south roof diaphragm as 
a result of diaphragm flexibility. This suggested that diaphragm action had a strong 
participation on vibration of tl;1e system. All of the computational models used in the study -:l 
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indicated this as well. The lowest observed periods of vibration for the building system 
were 0.45 and 0.33 seconds for east-west and north-south directions respectively. These 
measured values agreed well with results of computational models, but were in some cases 
three times those given by current codes of practice. The 1988 UBC code gave 0.14 and 
0.15 seconds for fundamental building periods while theNEHRP provisions gave values 
of 0.25 and 0.20 seconds. It was clear that the diaphragm flexibility is not included with 
these code estimates of period, and thus represent a much stiffer structural system than 
actual. Equivalent static forces that are based on these periods would therefore be overly 
conservative. 
9.5 Sensitivity of Dynamic Response to Modeling Parameters 
An analytical model was developed that represented dynamic response in either one of 
the two plan directions. Up to ten dynamic degrees of freedom were used to represent 
inertia of the floor or roof masses as well as the masonry walls. Static degrees of freedom 
included translation and rotation of the masonry shear walls at each of the two levels. 
Transverse walls were neglected. ;Because cracking of the masonry was minimal, it was 
! 
assumed that the structural system had remained elastic during the earthquake. Thus, 
the stiffness of masonry walls and floor or roof diaphragms were idealized with linear 
elastic translational springs. Generalized soil springs were used to model flexibility of the 
soil. 
Acceleration histories at the roof level were computed using the model which was driven 
by measured ground motions. Computed acceleration maxima were then correlated with 
measured maxima to study the accuracy of various modeling assumptions. Extensive 
sensitivity studies were run to investigate the influence of parameters such as masonry 
wall stiffness, diaphragm stiffness, soil stiffness and damping formulation. 
Accelerations and displacement m~xima as well as natural periods were found to be 
insensitive to variations in the in-plane wall stiffness for the range studied. 
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Dynamic response of the building system was found to have a strong participation of 
diaphragm vibration. Diaphragm stiffness influenced the natural period the greatest 
amount for stiff soils and the least amount for flexible soils. Lateral forces were distributed 
unevenly among the in-plane masonry walls as the diaphragm stiffness was decreased. 
For this trend, the more flexible walls attracted larger accelerations and deflected more 
as the diaphragm stiffness was reduced. In addition, flexible diaphragms amplified 
in-plane wall motions to such an extent that transverse walls might crack. 
Soil-structure interaction had a significant influence on response amplitudes. Acceleration 
and displacement maxima were best represented when soil flexibility was considered. 
Soil-structure interaction effects were most prevalent for translational action of the 
foundation since the low-rise building was stocky. Natural periods became more sensitive 
to soil effects as stiffness of in-plane masonry walls increased. 
Good results were achieved when damping wa,s assumed to be proportional to both mass 
and stiffness (Rayleigh damping). Care should be taken to avoid introducing smaller 
damping ratios to the higher modes than assigned to the fundamental mode. 
Based on these sensitivity studies, optimal modeling parameters were selected for the 
lumped-mass dynamic model. With the proper choice of parameters, the model was able 
to represent the recorded dynamic response histories well with respect to frequency content 
and amplitude. Peak accelerations computed with the model had a remarkably good 
correlation with recorded motions in both directions. The model estimated very well the 
observed dynamic amplification of the south diaphragm relative to the central wall. 
Estimated drift maxima in both directions were in good agreement with measured values. 
The discrete dynamic model was easy to implement, and executed reasonably fast (for 
example, the 10 DOF east-west model took 56 seconds of CPU time for 21,000 time 
steps on an Apollo DN3000 workstation). 
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9.6 Applicability of FEM Analyses 
Linear elastic· finite element models were used to study shear and normal stress 
distributions in the masonry walls. Both two and three-dimensional FEM models were 
used to analyze stresses in planar walls or the complete building system. The 
three-dimensional models were also used to determine modal frequencies and shapes for 
the system, and to examine possible torsional effects. 
Two-dimensional FEM analyses of various in-plane walls loaded with equivalent static 
forces revealed that the largest shear stresses were less than the value of 85 psi deduced 
from in-place shear tests. In addition, contours of vertical stress indicated that regions 
of net tensile stress were limited to a few narrow regions at the corners of door or window 
openings. In essence, the building was under a state of complete vertical compressive 
stress. even during the earthquake. These two conclusions provide additional evidence why 
little or no cracking was observed. In the street-front wall, the regions with the largest 
shear stresses correlated well with locations of cracking. 
Stress contours obtained from the two-dimensional wall models were not sensitive to 
./ 
soil-structure interaction effects. This was because the model was static, and prescribed 
lateral forces were the same whether the base of the walls was consider~d fixed or on 
flexible springs. 
A number of analyses were done using a three-dimensional FEM model of the complete 
building system. These were used to examine dynamic characteristics (modal frequencies 
and shapes) of the overall system. Wall stresses at the instant of peak response were 
computed using a spectral response approach, a time-step integration of generalized 
coordinates, and a static analysis where equivalent lateral forces were determined from 
the lumped mass dynamic model discussed previously (termed the quasi-dynamic analysis). 
The three-dimensional dynamic analysis identified the fundamental mode of vibration to 
be related to translational motions of the building system in the east-west direction. As 
277 
suggested by the relation in acceleration measurements at the roof, diaphragm motion in 
the east-west direction was significant. The associated generalized mass in the east-west 
direction for the first mode corresponded to 84.5% of the total modal mass in this direction. 
Higher modes of vibration computed with the FEM model were a complex combination 
of several actions, and could only be rationalized with the analysis. Higher modes had 
negligible contributions to the response of the system, particularly in the east-west 
direction. The influence of the torsional mode was minimal because only a small 
percentage of the total translational modal mass was excited under this mode. Thus, the 
two-dimensional, in-plane static FEM analyses were adequate for evaluation of wall 
stresses. 
Of the three computational methods that used the same three-dimensional FEM mesh, 
the quasi-dynamic method proved to be the most efficient with only minimal differences 
in accuracy. The method consisted of extracting peak accelerations determined through 
a time-step integration using the simple lumped mass-spring models. Equivalent static 
lateral forces based on these peak accelerations were then applied to the three--dimensional 
FEM model. For the case study, the quasi-dynamic analysis had a good overall. correlation 
with the more rigorous modal time-step integration analysis. This was attributable to the 
fact that torsional coupling had a reduced and localized °impact on overall response of the 
structural system. 
The response spectra method was found to be a more conservative method to evaluate 
peak dynamic responses than the modal, time-step analysis because the sequencing of 
modal maxima in time was neglected. In addition, there was no savings in computational 
effort with the spectral approach because considerable time was spent on the extraction 
of frequencies and mode shapes. The quasi-dynamic analysis required 6.4 to 7.0 less CPU 














9.6 Concluding Remarks 
The case study has explored various analytical approaches for computing dynamic 
response of low-rise unreinforced masonry building systems with flexible floor or roof 
diaphragms. Through correlation with dynamic measurements of an actual building 
excited by the Loma Prieta Earthquake, the accuracy and ease of use for a number of 
computational techniques have been evaluated, including simplified approximate methods 
prescribed in current codes for building design or evaluation. 
The study should be of worth to practicing engineers attempting to construct mathematical 
models of existing buildings. It should provide guidance and confidence for modeling 
dynamic response of unreinforced masonry buildings for future seismic evaluations. It 
is hoped that results of this research will be applied to engineering evaluations east of 
the Rockies as well where the potential for similarly intense earthquakes also exists, and 
unrein forced masonry is predominant. 
9.7 Suggested Future Research 
The study has demonstrated that much can be learned from a single instrumented structure. 
Many more buildings should be instrumented so that studies like this one may be done 
following future earthquakes. 
This study was based on observed response of a single building as viewed through six 
accelerographs. Because the building was strong and the earthquake motions were 
moderate, the structure remained within the proportional limit. It is therefore difficult or 
impossible to extrapolate these research results to buildings of other configurations, sites, 
and strengths that are subjected to stronger earthquake motions. Future research should 
try to extend the results of this study to building systems that respond to earthquake 
motions in the nonlinear range. 
Nonlinear dynamic analysis modelsiare needed to estimate response of masonry building 
systems that are subjected to strong earthquake motions. Strength, stiffness and ductility 
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of unreinforced masonry walls and piers need to be defined in the post-cracking range 
for input to these numerical models. Methods need to be developed to estimate these 
three parameters based on insitu properties of actual buildings as measured through non 
destructive tests. In addition, methods for estimating diaphragm and connection stiffness 
for various types of floor or roof systems need to be developed and verified. 
This research work has prompted the need to improve the understanding of dynamic 
response characteristics for structural systems with flexible diaphragms. Laboratory 
research is needed to confirm the accuracy of numerical models for determining response 
histories of such systems. Controlled dynamic experiments need to be run on full or 
reduced-scale building systems to study how buildings with flexible diaphragms respond 
to light, moderate or strong shaking. 
280 
LIST OF REFERENCES 
[1] ABK, A Joint Venture, "Methodology for Mitigation of Seismic Hazards in Existing 
Unreinforced Masonry Buildings: Categorization of Buildings," ABK Technical Report 
01, EI Segundo, CA, December 1981. 
[2] ABK, A Joint Venture, "Methodology for Mitigation of Seismic Hazards in Existing 
Unreinforced Masonry Buildings : Seismic Input," ABK Technical Report 02, EI 
Segundo, CA, December 1981. 
[3] ABK, A Joint Venture, "Methodology for Mitigation of Seismic Hazards in Existing 
Unreinforced Masonry Buildings : Diaphragm Testing," ABK Technical Report 03, EI 
Segundo, CA, December 1981. 
[4] ABK, A Joint Venture, "Methodology for Mitigation of Seismic Hazards in Existing 
Unreinforced Masonry Buildings: Wall Testing, Out-of-Plane," ABK Technical Report 
04, EI Segundo, CA, December 1981. 
[5] ABK, A Joint Venture, "Methodology for Mitigation of Seismic Hazards in Existing 
Unreinforced Masonry Buildings: The Methodology," ABK Technical Report 08, EI 
Segundo, CA, December 1981. 
[6] ABK, A Joint Venture, "Guidelines for the Evaluation of Historic Unreinforced Brick 
Masonry Buildings in Earthquake Zones," EI Segundo, CA, January 1986. 
[7] Abrams, D. P. and W. Xu, "Evaluation of In-Plane Shear Resistance of Cracked, 
Unreinforced Brick Walls," Advanced Construction Technology Report No. 91-26-05, 
University of Illinois at Urbana-Champaign, April 1991, 9 pages. 
[8] Abr.ams, D. P., "Masonry as a Structural Material," Submitted paper to ASCE Materials 
Congress, Atlanta, Georgia, August 1992. 
[9] ASCE," Seismic Analysis of Safety Related Nuclear Structures and Commentary on 
Standard for Seismic Analysis of Safety Related Nuclear Structures," ASCE Standard, 
September 1986. 
[10] ASCE, "Building Code Requirements for Masonry Structures CACI 530-88/ASCE 
5-88)," ASCE,18 pages. 
[11] ATC (Applied Technology Council), "Tentative Provisions for the Development of 
Seismic Regulations for Buildings," ATC Publication ATC 3-06, NBS Special Publication 
510, Washington, D. C., June 1978. 
281 
[12] Bariola, J., J. Ginocchio and D. Quiun, "Out-of-plane Seismic Response of Brick 
Walls," Proceedings, Fifth North American Masonry Conference, Vol. I, University of 
Illinois at Urbana-Champaign, June 1990, pp. 429-440. 
[13] Bathe, K. J. and E. L. Wilson, "Numerical Methods in Finite Element Analysis," 
Prentice Hall, 1976. 
[14] Bazan-Zurita, T. E., "Muros de Mamposteria ante Cargas Laterales. Estudios 
Analiticos", Ph.D. Thesis, Divisi6n de Estudios de Postgrado de la Facultad de 
Ingenieria, UNAM, 1980. 
[15] Bazan-Zurita, T. E. Y R. Meli, "Manual de Diseiio Sismico de Edificios", Reporte 
D-18, Instituto de Ingenieria, UNAM, Septiembre de 1983. 
[16] Blondet, J. M., R. L. Mayes, T. Kelly, R. Villablanca and R. E. Klingner, "Performance 
of Engineered Masonry in the Chilean Earthquake of March 3, 1985. Implications 
for U.S. Design Practice," PMFSEL Report No. 89-2, The University of Texas at 
Austin, June 1989. 
[17] Blondet, J. M., R. L. Mayes, T. Kelly, R. Villablanca and R. E. Klingner, "Observed 
Behavior of Chilean Masonry Buildings : Implications on U.S. Design Codes," 
Proceedings, Fifth North American Masonry Conference, Vol. I, University of Illinois at 
Urbana-Champaign, June 1990, pp. 13-24. 
[18] Breyer, D. E, "Design of Wood Structures," Second Edition, Mc Graw Hill, 1988. 
[19] Clough, R. W. and J. Penzien, "Dynamics of Structures," International Edition, Mc 
Graw Hill, 1982. 
[20] Computech Engineering Services, "CONIBAT: Comprehensive Building Analysis 
Tool," Berkeley, California, December 1983. 
[21] Cruz-G6mez, E., "Caracteristicas Dinamicas de las Estructuras de Mamposteria," 
Masters Thesis, Divisi6n de Estudios de Postgrado de 1a Facultad de Ingenieria, 
UNAM, 1989. 
[22] CSMlP, "Plots of Processed Data from Gilroy-2 Story Historical Commercial 
Building, Lorna Prieta Earthquake of October 17, 1989," Confidential Report. 
[23] EERC, "Preliminary Report of the Seismological and Engineering Aspects of October 
17, 1989 Santa Cruz (Lorna Prieta) Earthquake," Report No. UCBfEERC-89/14, 
October 1989. 
282 
... 4 ... •• • 
. . . : .... 
[24] EERI, "Lorna Prieta Earthquake October 17, 1989 Preliminary Reconnaissance 
Report," November 1989. 
[25] EERI, "Lorna Prieta Earthquake Reconnaissance Report," Earthquake Spectra, 
Supplement to Volume 6, May 1990. 
[26] EI-Mustapha, A., and J. C. Kariotis, "The Inelastic Response of Masonry Structures 
Free to Uplift on their bases," Proceedings, Fifth North American Masonry Conference, 
Vol. I, University of Illinois at Urbana-Champaign, June 1990, pp. 249-260. 
[27] EIQashai, A., J. Bommer and A. EI-Ghazoulli, "The Loma Prieta (Santa Cruz, 
California) Earthquake of 17 October 1989 : Seismological, Geotechnical and 
Structural Field Observations," ESEE Report 89/11, December 1989. 
[28] Epperson, G. and D. P. Abrams, "Nondestructive Evaluation of Masonry Buildings," 
Advanced Construction Technology Report No. 89-26-03, University of Illinois at 
Urbana-Champaign, October 1989. 
[29] Epperson, G. and D. P. Abrams, "Evaluating Lateral Strength of Existing 
Unreinforced Brick Piers in the Lab," Proceedings, Fifth North American Masonry 
Conference, Vol. II, University of Illinois at Urbana-Champaign, June 1990, pp. 
735-746. 
[30] Ewing, R. D., J. C. Kariotis and A. EI-Mustapha, "LPMII, A Computer Program for 
the Nonlinear Dynamic Analysis of Lumped Parameter Models," Report No. 2.3-1 
to the U.S.-Japan Coordinated Program for Masonry Building Research, 
EwinglKariotis/Englekirk & Hart, August 1987. 
[31] Feng, Jianguo, "The Seismic Shear Strength of Masonry Walls, " Proceedings, US-PRe 
Joint Workshop on Seismic Resistance of Masonry Structures, Harbin, China, 1986, pp. 
II-4-1 to IT-4-14. 
[32] Ghaboussi, J., "Generalized Differences in Direct Integration Methods for Transient 
Analysis," Proceedings, NUMETA 87 International Conference of Numerical Methods in 
Engineering: Theory and Applications, Swansea, U.K., July 1987, Vol IT, T3. 
[33] Ghaboussi, J., "CE 498-CM Class Notes (Numerical Methods in Computational 
Mechanics)," University of Illinois at Urbana Champaign, Spring Semester, 1989. 
[34] Gurfinkel, G., "Wood Engineering," KendalllHunt Publishing Company, Second 
Edition, June 1981. 
283 
'M.etz Reference ~m 
'ty f ""~~OlS Univers1 O,LU.UJ. Lab 
06 Newmark CE 
Bl rth Mathews Avenue ZO~ ~GnSL illinois 61801. 
[35] HabibuIlah, A., "ETABS Users Manual - Three Dimensional Analysis of Building 
Systems," Computer & Structures, Inc., Berkeley, CA, 1988-1990. 
[36] Hernandez-Basilio, O. and R. Meli, "Modalidades de Refuerzo para Mejorar eI 
Comportamiento Sismico de Muros de Mamposteria," Report No. 382, Instituto de 
Ingenieria, UNAM, 1976. 
[37] Hibbit, Karlsson ~ Sorensen, Inc, "ABAQUS User's Manual," Version 4.8,Hibbit, 
Karlsson & Sorensen, Inc, 1989. 
[38] Hjelmstad, K. D. and D. A. Foutch, "Response Spectrum Analysis of Buildings with 
Flexible Bases," Unpublished Paper, University of Illinois at Urbana-Champaign, 
1988. 
[39] International Conference of Building Officials, "Uniform Building Code, 1988 
Edition," International Conference of Building Officials, Whittier, California, 1988. 
[40] International Masonry Institute, "The Lorna Prieta, California, Earthquake of October 
17, 1989; Observations Regarding the Performanqe of Masonry Buildings," February 
1990. 
[41] Kariotis, J. C., "Seismic Behavior of Unreinforced Masonry Buildings Shaken by the 
Lorna Prieta Earthquake," Structures Congress '91 Compact Papers, Ninth ASCE 
Structures Congress, Indianapolis, Indiana, May 1991, pp. 30-33. 
[42] Kwok, Y. H. and A. H-S. Ang, "Seismic Damage Analysis and Design of 
Unreinforced Masonry Buildings," Civil Engineering Studies, Structural Research 
Series No. 536, University of Illinois at Urbana-Champaign, June 1987. 
[43] Lew, M. and K. W. Campbell, "Relationships Between Shear Wave Velocity and 
Depth of Overburden," Proceedings, ASCE Session: Measurement and Use of Shear Wave 
Velocity for Evaluating Dynamic Soil Proper:ties, Denver, Colorado, May 1985, p.p. 
63-77. 
[44] Lopez, L., R. Dodds, D. Rehak and R. Schmidt, "POLO-FINTIE, A Structural 
Mechanics System for Linear and Nonlinear, Static and Dynamic Analysis," Civil 
Engineering Systems Laboratory, University of Illinois at Urbana-Champaign, 1987. 
[45] Lu, Xilin and B. Zhu, "Identification for the Mathematical Models to Predict the 
Earthquake Responses of the Unreinforced Concrete Block Masonry Building and 
Estimation of its Aseismic Capacity," Proceedings, US-PRC Joint Workshop on Seismic 
Resistance of Masonry Structures, Harbin, China, 1986, pp. ll-7-1 to ll-7-12. 
284 
-, 
[46] Mann, W., G. Konig and A. Otes, "Tests of Masonry Walls Subjected to Seismic 
Forces," Proceedings, Eight International Brick and Block Masonry Conference, Vol. IT, 
Dublin, North Ireland, 1988, pp. 764-773. 
[47] Masonry Promotion Groups of Southern California, "1988 Masonry Codes and 
Specifications," 1988. 
[48] Meli, R., "Comportamiento Sismico de Muros de Mamposteria," Report No. 352, 
Instituto de Ingenieria, UNAM, 1976. 
[49] Meli, R., and O. LOpez-Batiz, "Seguridad Sismica de Edificios Hist6ricos en la Ciudad 
de Mexico," Proceedings, VIII Congreso Nacional de Ingenieria Sismica y VII Congreso 
Nacional de Ingenieria Estructural, Vol. ill, Acapulco, Mexico, November 1989, pp. 
6-56 to 6-53. 
[50] Meli, R., "Seismic Design of Masonry Buildings: The Mexican Practice," Proceedings, 
Fifth North American Masonry Conference, Vol. I, University of Illinois at 
Urbana-Champaign, June 1990, pp. ·1-12. 
[51] Modena, C., "Italian Practice in Evaluating, Strengthening and Retrofitting Masonry 
Buildings," Proceedings, International Seminar on Evaluating, Strengthening and 
Retrofitting Masonry Buildings, The Masonry Society, October 1989, pp. 2-1 to 2-25. 
[52] Muria-Vila, D., "Dynamic Behavior of Masonry Buildings in Mexico City," 
Proceedings, Fifth North American Masonry Conference, Vol. I, University of Illinois at 
Urbana-Champaign, June 1990, pp. 127-138. 
[53] National Earthquake Hazards Reduction Program (NEHRP) , "Recommended 
Provisions for the Development of Seismic Regulations for New Buildings," Part 1, 
Provisions, Federal Emergency Management Agency, 1988 Edition. 
[54] National Earthquake Hazards Reduction Program (NEHRP) , "Recommended 
Provisions for the Development of Seismic Regulations for New Buildings," Part 2, 
Commentary, Federal Emergency Management Agency, 1988 Edition. 
[55] Newmark, N. M. and E. Rosenblueth, "Fundamentals of Earthquake Engineering," 
Prentice Hall, 1971. 
[56] Newmark, N. M. and W. J. Hall, "Earthquake Spectra and Design," Monograph 
Series, EERT, 1987. 
[57] NIST, "Performance of Struc~res During the Lorna Prieta Earthquake of October 
17, 1989," NIST Special Publication 778, January 1990. 
285 
[58] Noland, J. L., "A Review of the US Coordinated Program for Masonry Building 
Research," Proceedings, Fourth North American Mp,sonry Conference, Vol. IT, University 
of California at Los Angeles, August 1987, pp. 38-1 to 38-17. 
[59] Noland, J. L., "1990 Status Report: US Coordinated Program for Masonry Building 
Research," Proceedings, Fifth North American Masonry Conference, Vol. I, University 
of Illinois at Urbana-Champaign, June 1990, pp. 57-68. 
[60] Parlett, B. N., "The Symmetric Eigenvalue Problem," Prentice Hall, 1980. 
[61] Pume, D., "Czechoslovakian Practice in Evaluating, Strengthening and Retrofitting 
Masonry Buildings," Proceedings, International Seminar on Evaluating, Strengthening 
and Retrofitting Masonry Buildings, The Masonry Society, October 1989, pp. 3-1 to 
3-27. 
[62] Rubin, S., "Concepts in Shock Data Analysis," Shock and Vibration Handbook, Vol. 
2, Me Graw-HiIl, 1961, pp. 23-1 to 23-37. 
[63] San-Bartolome, A. and D. Torrealva, '~A New Approach for Seismic Design of 
Masonry Buildings in Peru," Proceedings, Fifth North American Masonry Conference, Vo1. 
I, University of Illinois at Urbana-Champaign, June 1990, pp. 37-44. 
[64] Schneider, R. and W. L. Dickey, "Reinforced Masonry Design," Prentice Hall, Second 
Edition, 1987, pp. 400-417 
[65] SEAOC, "UCBC Appendix Chapter 1. Seismic Strengthening Provisions for 
Unreinforeed Masonry Bearing Wall Buildings," Structural Engineers Association of 
California (SEAOC) , June 1990. 
[66] SEAOC, "Reflections on the October 17, 1989 Lorna Prieta Earthquake," Structural 
Engineers Association of California (SEAOC), April 1991. 
[67] Seed, H. B., C. Ugas and J. Lysmer, "Site Dependent Spectra for 
Earthquake-Resistant Design," Bulletin of the Seismological Society of America, Vol. 66, 
No.1, February 1976, pp. 221-243. 
[68] Shakal et aI, "CS1v1lP Strong-Motion Records from the Santa Cruz Mountains (Lorna 
Prieta), California Earthquake of 17 October 1989," Report OSMS 89-06, 1989. 
[69] Song, B., C. Yin, X. Zhang and S. Tao, "Experimental Study and Seismic Response 
Analyses of Multistory Brick Buildings with Friction Base Isolation," Proceedings, Fifth 
North American Masonry Conference, Vol. I, University of Illinois at 





[70] Tissell, J. R. and J. R. Elliot, "Plywood Diaphragms," Research Report 138, American 
Plywood Association, April 1983. 
[71] TIy1S Codes and Standard Committee, "Commentary to Chapter 24, Masonry, of the 
Uniform Building Code 1988 Edition," The Masonry Society (TMS) , 1990. 
[72] Tomazevic, M. and D. Anicic, "Research, Technology and Practice in Evaluating, 
Strengthening, and Retrofitting Masonry Buildings: Some Yugoslavian Experiences," 
Proceedings, International Seminar on Evaluating, Strengthening and Retrofitting Masonry 
Buildings, The Masonry Society, October 1989, pp. 1-1 to 1-54. 
[73] Tomazevic, M., C. Modena and T. Velechovsky, "Seismic Behavior of Mixed 
Structural Systems with Peripheral Masonry Walls and Internal R.C. Columns : An 
Earthquake Simulator Study," Proceedings, Fifth North American Masonry Conference, 
Vol. I, University of Illinois at Urbana-Champaign, June 1990, pp. 139-150. 
[74] Turner, F., "California's Unreinforced Masonry Building Law," Proceedings, 44th 
EERI Annual Meeting,' New Trends in Earthquake Engineering, San Francisco, California, 
February 1992. 
[75] United States Department of Agriculture, "Wood Handbook: Wood as an Engineering 
Material," Agriculture Handbook 72, 1988. 
[76] Villablanca, R. E., "Performance of Engineered Masonry in the Chilean Earthquake 
of March 3, 1985. Lessons for U.S. Design Practice," Ph.d Thesis, The University 
of Texas at Austin, December 1988. 
[77] Villablanca, R. E., R. E. Klingner, M. Blondet and R. Mayes, "Masonry Structures 
in the Chilean Earthquake of March 3, 1985 : Behavior and Correlation with 
Analysis," Proceedings, Fifth North American Masonry Conference, Vol. I, University of 
Illinois at Urbana-Champaign, June 1990, pp. 225-236. 
[78] Wiegel, R. L. (Editor), "Earthquake Engineering," Prentice Hall, 1970. 
[79] Wilson, E. L., J. P. Hollings and H. Dovey, "Three Dimensional Analysis of Building 
Systems (Extended Version)," Report No. EERC 75-13, Earthquake Engineering 
Center, April 1975. 
[80] Wiss, Janney Elstner Associates Inc., "Draft Commentary to the Structural Engineers 
Association of California and California Building Officials Joint Recommended 
Unreinforced Masonry Building Seismic Safety Provision," June 1990. 
287 
[81] Woodward, K. and F. Rankin, "Influence of Vertical Compressive Stress and Shear 
Resistance of Concrete Block Masonry Walls~" U.S. Department of Commerce, 
National Bureau of Standards, 1984. 
[82] Xia, Jiangqian, S. Di.ng and S. Zhou, "Tests of Aseismic Behavior of Brick Shear 
Masonry Wall," Proceedings, US-PRe Joint Workshop on Seismic Resistance of Masonry 
Structures, Harbin, China, 1986, pp. ll-6-1 to ll-6-10. 
[83] Xia, Jiangqian, Z. Wei, Q. Huang and L. Gao, "Shaking Table Test of Masonry 
Building with Coal-Slag-Gas-Concrete Blocks," Proceedings, Fifth North American 
Masonry Conference, Vol. I, University of Illinois at Urbana-Champaign, June 1990, 
pp. 165-176. 
[84] Yamin, L. and L. Garcia, "Structural Masonry in Colombia," Proceedings, Fifth North 
American Masonry Conference, Vol. I, University of Illinois at Urbana-Champaign, June 
1990, pp. 25-36. 
[85] Zhu, Bolong, "A Review of Aseismic Tests qf Masonry Structures in China," 
Proceedings, US-PRC loint Workshop on Seismic Resistance of Masonry Structures, 
Harbin, China, 1986, pp. ll-5-1 to ll-5-12. 
288 
.,.-.. , 
; 
-:-:, 
; 
I 
I 
l 
~ 
I 
